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WELCOME TO DELEGATES

WELCOME to the Fourth Australia New Zealand Young Geotechnical Professionals Conference, and for
those visiting the west for the first time, welcome to Perth. First held in Sydney in 1994, from a joint
initiative of the Australian Geomechanics Society and the New Zealand Geotechnical Society, the
conference has since been successfully held in Auckland (1996) and Melbourne (1998).

In recent years, there has been a strong push for increased participation by “young” geotechnical engineers in
society matters. This topic was first discussed at the Third ANZ YGPC, where the topic “How could the
AGS and NZGS better serve their younger members™ was debated in an open forum. Since then, the “Young
Australian Geomechanics Society Corner” was established in the AGS journal (Australian Geomechanics),
in which young geotechnical engineers are encouraged to contribute anything from seminar advertisements
to stories on “life’s little lessons”. In addition, there is an ever increasing amount of direct input in
AGS/NZGS affairs, with many committees now including at least one young representative.

With this in mind, I hope that all delegates attending the Fourth ANZ YGPC are able to both increase their
own involvement in the geomechanics community, and encourage others within their organisation to do the
same. This can come in the form of an active involvement by joining your local AGS/NZGS committee, by
attending technical meetings, or by writing articles for society magazines or newsletters. It all counts.
Please feel free to contact me (philw@cyllene.uwa.edu.au or at Centre for Offshore Foundation Systems,
The University of Western Australia, Nedlands, AUSTRALIA 6907) if you would like any further
information on becoming involved in the AGS or NZGS. IfI can’t help you myself, I will point you in the
direction of someone who can.

As is always the case with events like this, there are a large number of people to thank for their involvement.
Firstly, I must thank the other (past and present) organising committee members : Mike O’Neill, Andrew
House, Davide Bruno and Gerard Dyson. All of them have put in a tremendous amount of time and energy
to ensure the conference is a success. In addition, there have been a number of industry representatives (IR)
and senior mentors (SM) who have provided great assistance at various stages of the conference
organisation, with thanks going to : Dr Anthony de Nicola (IR), Dr Stephanie Watson (IR), Ms Eloise
Browne-Cooper (IR), A/Prof. Martin Fahey (SM), Prof. Mark Randolph (SM), Dr Mohamed Khorshid (SM)
and Mr Charles Waterton (SM). I would also like to thank the members of the Western Australian Chapter
of the AGS, and acknowledge the support of the AGS National Committee. Thanks also to the various paper
reviewers. In addition, thanks also to the NZGS (particularly Debbie Fellows and Jaime Bevin) for their
support in organising what is a very strong New Zealand contingent.

In respect to conference events, I would like to thank the Fremantle Port Authority for providing their
facilities for the site visit, and Mr Matthew Tutton (from Golder Associates) for organising the schedule for
the afternoon, and for offering to act as ‘tour guide’. I would also like to thank the various keynote speakers
and session organisers, each of whom have agreed to give up their time to help make the conference a
success. Thanks also to St George’s College for providing the conference facilities and assisting with
organisation, and to Golder Associates for arranging (and sponsoring!) the conference barbecue.

With this said, I would like to wish all delegates an enjoyable conference. I hope each of you benefit from
the opportunity to present your own research, from the opportunity to ‘network’, and from an active
participation in all formal and social aspects of the conference. The organising committee and myself are
looking forward to meeting you at the conference. ;

Best regards,

Phil Watson
Chairman of the Organising Committee

-1 -




Proc. Fourth Australia New Zealand Young G hnical Professionals Conf House & Watson (eds), February 2000, Perth, Australia

Organising Committee

Mr Phil Watson
Mr Mike O’Neill
Mr Andrew House
Mr Davide Bruno
Mr Gerard Dyson

Industry Representatives

Dr Stephanie Watson
Dr Anthony de Nicola
Ms Eloise Browne-Cooper

Senior Mentors

Associate Professor Martin F ahey
Professor Mark Randolph
Dr Mohamed Khorshid
Mr Charles Waterton

Paper Reviewers

Mr Marc Woodward
Mr Trevor Osborne
Dr Doug Stewart
Professor Mark Randolph
Dr Chris Martin
Mr Robert Smith
Dr Sasha Galybin
Mr Ian Smith
Mr John Waterton
Dr Chris Swindells
Associate Professor Richard Jewell
Dr Yves Potvin
Mr David Foulsham
Dr Elio Novello
Dr Mohamed Khorshid
Dr Hackmet Joer
Associate Professor Martin Fahey
Dr Tam Larkin

All papers accepted for publication at this conference were independently
reviewed by a senior geotechnical engineer. Papers were reviewed to check technical
accuracy, relevance and presentation.
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OBTAINED FROM THE CONFERENCE SPONSORS. WITHOUT
THEIR CONTRIBUTION, THE CONFERENCE WOULD NOT HAVE
‘BEEN POSSIBLE.




ADVANCED GEOMECHANICS

Providing leading edge geotechnical design solutions

Onshore

* Site characterisation and parameter interpretation

o Development of novel, economic foundation
concepts

® Design of in situ testing programs
® Piled and shallow foundation analysis and design
* Seepage, groundwater & dewatering assessments

* Soil and rock slope design (eg. reinforced
earth/soil nailing)

e Soil stabilisation and ground improvement
* Pile drivability, integrity testing & verification services

e Expert advice for litigation

VNN NNIN G EOMECHANICS

Offshore

e Site investigation definition, planning and
supervision :

e Advanced analytical and numerical modelling

e Foundation/structure interaction

* Pile design - driven, drilled and grouted, driven grouted
 Engineering of terrigenous and calcareous soils

* Design, supervision and interpretation of laboratory
testing programs

* Drag anchor, suction pile and gravity anchor design
* Pipeline stability, ploughability and scour evaluation

* Probabilistic cost risk analyses

Contact Details

Perth Sydney

Advanced Geomechanics Advanced Geomechanics

4L eura Street, Nedlands 40 Canonbury Grove, Dulwich Hill
Western Australia 6009 New South Wales 2203

Phone: +61893895033 Phone: +6129558 1535

Fax: +6789389 5066 Fax: +6129559 4771

E-mail:  info@ag.com.au Web Site:  http:/fwww.ag.com.au




Cntrefor Oﬂshore oundatlon Sytems

The Centre for Offshore Foundation Systems (COFS) at The
University of Western Australia and The University of Sydney, undertakes
fundamental research into the properties of offshore soils and the response
of foundation systems for offshore oil and gas production facilities. It has
been established under the direction of Professor Mark Randolph (UWA).

COFS three major research streams are
(1) micro-mechanics and stress strain response of seabed soils,

(2) response of foundation systems, particularly under cyclic loading, and
(3) soil-structure-fluid interaction for thin-walled shells and pipelines

COFS brings together top Australian and international researchers to
advise and assist industry in all aspects of safe and economic foundation
design and operation. COFS also supervises PhD students.

Complex tests are conducted using sophisticated facilities and COFS
research personnel utilise world-class modelling capabilities. These include
two geotechnical centrifuges, a large calibration chamber and advanced
laboratory testing equipment. COES houses the only centrifuge modelling
facility in Australia.

For further information on COFS, its capacity to assist industry or the
possibility of undertaking research work as a PhD student or postdoctoral
fellow please contact:

Mark Randolph
Centre for Offshore Foundation Systems
UWA, Nedlands, WA, 6907.
Phone: 61 (0)8 9380 3094
Fax: 61(0)8 9380 7320
email: cofs @uwa.edu.au.




| Geotechnics - Environment - Groundwater

The Douglas Partners Difference

Douglas Partners provides an integrated range of specialist consulting
and testing services to clients throughout Australia and overseas in the
fields of Geotechnics, Environment and Groundwater.

B Extensive Network of Offices and NATA Registered Laboratories

B Practical, Cost Effective Solutions

B Sound and Timely Advice

W Thirty Five Years Experience — Forty Thousand Projects

[ | Responsive and Helpful Hands-on Approach

H. State-of-the-art Technology

B Australian Owned, World Class Expertise

B Multidiscipline Firm

Integrated Practical Solutions
CAIRNS CAMPBELLTOWN

BRISBANE

Ph (07) 3237 8900
Fax (07) 3237 8999

DARWIN
Ph (08) 8947 4400
Fax (08) 8947 4455

PERTH
Ph (08) 9325 4774
Fax (08) 9325 4771

Ph (07) 4055 1550
Fax (07) 4055 1774

MELBOURNE
Ph (03) 9428 1831
Fax (03) 9428 7841

SYDNEY
Ph (02) 9809 0666
Fax (02) 9809 4095

Ph (02) 9820 3011
Fax (02) 9603 2217

NEWCASTLE
Ph (02) 4960 9600
Fax (02) 4960 9601

TOWNSVILLE
Ph (07) 4779 9866
Fax (07) 4725 1224

WYONG
Ph (02) 4351 1422
Fax (02) 4351 1410

WOLLONGONG
Ph (02) 4271 1836
Fax (02) 4271 1897

BUZZ5019

BTSN, St |




Zealand’s Earthquake Commission

Proud Sponsor of the 4th Australia-New Zealand

Young Geotechnical

Professionals Conference

Many natural disasters have geophysical impacts
on the built environment. Likely impacts can be
anticipated by geotechnical assessments and

minimised by geotechnical engineering.

The Earthquake Commission helps

New Zealanders recover from
natural disasters by insuring -
property and funding research
into natural disaster damage and
methods of reducing or

preventing this damage.

As part of its role, EQC is delighted

to support the 4th Australia-New
Zealand Young Geotechnical Professionals
Conference, in Perth 2000.

For more information on the Earthquake

Commission, see our website at www.eqcC.govt.nz
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Thinking of a Career in Geotechnical Engineering?
Our employees are from a range of disciplines including:

<
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e Civil Engineering o Hydrogeology
e Engineering Geology ~ e Environmental Engineering
% o Geology e Environmental Science :

e Rock Mechanics
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Do You Need a Geotechnical Consultant?
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Our specialist geotechnical services include:
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% e Roads and Pavements e Engineering Risk Analyses g
¢ e Earthworks & Dams e Groundwater Studies %
5 e Building & Bridge o Contamination Assessments
% Foundations & Remediation §
g e Tailings Disposal o Instrumentation & Monitoring
§ e Mine Rehabilitation e Project Management 5
% e Open Pit & Underground e Environmental Management %
éM Mine Design :

Golder Associates Pty Ltd is an Australian consulting firm with a staff of
over 200, providing geotechnical and environmental services to the
industrial, construction and mining sectors, all levels of government, the
legal profession and private individuals.

Golder Associates Pty Ltd is the Australian operating company of the
international consulting group, Golder Associates Corporation. This
employee-owned group has 80 offices throughout Australia, Fiji,
Indonesia, Hong Kong, Thailand, Philippines, United States, Canada,
United Kingdom, Europe and Latin America.

For further information contact:

Mr John Waterhouse or Dr Doug McInnes

Golder Associates

441 Vincent Street West, Leederville, WA 6007
Ph: (08) 9381 3444, Fax: (08) 9381 4041

Other Australian Offices in Adelaide, Melbourne, Brisbane, Cairns, Marcochydore, Sydney.




EXPERTS IN

GEOTECHNICAL
ENGINEERING

GHD is an mternatlonal company prowdmg
leadership in management, engineering,
~_environmental, planning and design services
with a commitment to sustainable

de elopment L

Our geotechmcal divisionis a key element of

ur practice. Engineering skills and state of

the art technology are only the starting

‘points - it is the years of experience in local

 conditions together with common sense and
judgment that lead to our safe, economlcal

- and creatlv,e engmeermg solutlons._ '

‘-":-',Chents throughout Austraha and the As1a
Pacific region have benefited from our
~world class geotechnical skﬂls ;o

El mlmng -
I dams and ta1hngs o
O soft ground engmeermg
‘[0 stability and landslides

Our ge 'techmcal staff are located in major
regional centres and their services are
_available in the remotest areas through our
: mtegrated network of ofﬁces. : f ‘

Adelaide . adlma:ll@ghd com.au
Brisbane ~ bnemail@ghd.com.au.
- Canberra  cbnmail@ghd.com.au

Cairns  cosmail@ghd.comau

Darwin  drwmail@ghd.com.au

Hobart = hbamail@ghd.com.au

Melbourne melmail@ghd.com.au
permail@ghd.com.au
sydmail@ghd.com.au

Top to bottorn: ™~
Alpine Way reconstruction, NSW
- Rock slope monitoring, NSW
Eurallumina SpA bauxite residue disposal, Italy
Hobart dams safety and security, Tas

: MANAGEMENT
ENGINEERING
ENVIRONMENT

M.‘ghﬁ.éqm.au



MARINE
CIVIL |

CONSTRUCTION CO PTY LTD

SPECIALISING IN PILED FOUNDATIONS SINCE 1993, PROUD SPONSORS
OF THE FOURTH A-NZ YOUNG GEOTECHNICAL PROFESSIONALS
CONFERENCE.

DAMPIER PUBLIC WHARF EXTENTION GRAHAM FARMER FREEWAY

NARROWS BRIDGE
HLLARYS YACHT CLUB
DUPLICATION PROJECT .

LOoT N13 RUDDERHAM DRIVE, O’CONNOR HOUSE,
NORTH FREMANTLE WA 6159
PH: 9336 4166

FAX: 9336 4706 EMAIL: marine @bekkers.com.au
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PELLS SULLIVAN MEYNINK PTY LTD

Specialist Engineering Consultants in: Soil -  Thredbo Landslide;
advisors to NSW

Coroner

cenreey

o SIS T

- Kelian Gold Mine,
Indonesia; 70m and
128m high
embankment dams

- Sydney Airport;
trafficability of off
runway areas

Rock - Eastern Distributor,
Sydney; engineering
geology and design of
tunnel support

22m Span Eastern Distributor & Hamersley Iron, WA;
No Support open pit slope design

- Savage River, Tas;
hydrology, engineering
geology, design and
documentation of river
diversion tunnel

Water - Cadia Mine, NSW;
flood hydrology for
tailings dam

- Freeport Mine, Iran
Jaya; mill water
supply and tailings
disposal

Design Support - Catchment Rainfall
Simulation Software
Development

| PSM is very pleased to be a sponsor of the 4™ ANZ Young Geotechnical
‘ Professionals Conference. We see these conferences as the key to the future
strength of our profession in Australia and New Zealand.

Sydney: Ph: 02 9874 8855
Fax: 02 98748800

P S M Email: pjnp@psm.com.au

Brisbane: Ph: 07 3217 5195
Fax: 07 3369 5062
Email: wjcm@psm.com.au




%
£

Rio Tmto isa worI‘d Ieader in fmdmg, mmmg and processmg the

earth S mmeral resources

In order to dellver supenor returns to our
shareholders over. many years we take a long :
term and responsible approach to explonng for
first class ore bodies and to developlng Iarge
efficient operations capable of sustammg
competitive advantage In this way, we help to
meet the global need for mmerals and metals
which contrlbute to essentlal lmprovements in
living standards as well as making a direct
contribution to economic development and

employment |n those countrles Where we mvest.

Wherever we. operate we work as closely as
possible with our hosts respectmg Iaws and
customs mlnlmlsmg adverse |mpacts and

ensuring transfer of benefits and enhancement
of:opportunities. We believe that our
competitiveness and future success depend

not only on our employees and the quality and
diverSity of our assets but also on our record as
good neighbours and partners around the world.

- ‘Accordmgly we set ourselves hlgh

environmental and communlty standards.

- Our commitment to hea!th,safety and the

enhancement of the skills and capabilities of
our employees is second to none in mining.

We seek to make lasting contributions to local
communities and to be sensitive to their culture
and way of life. '




Worley Limited

Resources & Energy

Worley was established in the US in the 1960s, and expanded to the Asia Pacific region in
the 1970s. Today, Worley Limited is the largest Australian owned engineering organisation
in the intemational arena.

Worley provides project management and multidiscipline engineering services to the energy,
resources, infrastructure and maritime industries.

Worley has offices in most
capital cities in the Asia
Pacific region, as well as
Houston in the US.

Worley offers a full range of
services including process,
mechanical, instrumentation,
electrical, civil, structural,
pipeline, dynamics, safety,
environmental and marine
engineering.

Worley keeps abreast of
advancements in technology
using state-of-the-art
software in the areas of
communications, information technology, 3D design and analysis and project management.

Worley handles projects of all types and sizes from the full engineering, procurement and
construction management (EPCM), and operation/maintenance (EPC) of major facilities,
through to minor troubleshooting exercises. Worley is the largest provider of such services
to the terminals industry in Australia.

Worley is committed to setting up long term alliances, or partnering arrangements, with its
clients based upon trust, shared objectives and mutual understanding of expectations and
values.

Worley has a proven record of achievement, having successfully completed a wide range of
projects throughout the world, particularly in Australia, New Zealand and Asia Pacific region.

Level 16, QV1, 250 St Georges Terrace
Perth Western Australia 6000
Telephone +61 8 9278 8111
Facsimile +61 8 9278 8110

Web: hitp://www.worleylimited.com
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Providing nesearch and cortimuing

+ Australian Centre for Geomechanics
thisciion i irderfpounde and opim §i0 smiminng s

edil e Lasnics
12

The cducition progpam includes He following cowries, seminirny Y workabops:
Geomechanics of Open Pit Mining, Tailings Management and Decommissioning, Rock Mechanics Practice for

Underground Mines, Tailings — Corporate Risk and Responsibility, Paste Technology, Underground Mining Methods,
Rock Slope Damage Control (Blasting), Mine Fill and Mass Mining, Ground Control at the Mine Face. l

Cornert and conpleted rereancl prognama imelude te following subpect aneas:
Mine Seismicity and Rockburst Risk Management, Saline Tailings Disposal and Decommissioning, Integrated
Monitoring Systems for Open Pit Wall Deformation, Ground Control Training for Underground Mine Workers, and

others.

Further information: Christine or Gillian, Australian Centre for Geomechanics, 7 Cooper Street, Nedlands W.A. 6009
Tel: 08-9380 3300, Fax: 08-9380 1130, Email: acg@acg.uwa.edu.au, Website: www.acg.uwa.edu.au
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AUSTRALIA

Postgraduate Degrees for
Geotechnical Engineers & Engineering Geologists

The Monash Geomechnics group is widely respected in
industry circles for its practically focussed research.
Monash research students have access to world class
laboratory and computing facilities, and high quality
supervision.  Scholarships are available to assist
motivated candidates in undertaking M.Eng.Sc & Ph. D
degrees in the following areas:

» Foundation Engineering <
» Fundamental Soil and Rock Mechanics <
» Environmental Geotechnics <

If you are interested in enhancing your career potential
by obtaining a postgraduate qualification in one of
these fields, please contact:

Dr. Julian Seidel or Assoc. Professor Chris Haberfield
Tel: (03) 99054963  (03) 9905 4982
Fax: (03) 9905 4944
Emails: chris.haberfield @eng.monash.edu.au
Julian.Seidel @eng.monash.edu.au
Mail: Wellington Road, Clayton, Vic. 3800, Australia
Web site: http://www-civil.eng.monash.edu.au

MONASH UNIVERSITY

Department of Civil Engineering

Services to the Civil Engineering Community

The Geotechnical group has also developed ant
acquired an extensive array of laboratory, field
testing equipment and computing facilities. The
major items include:

Laboratory Testing Equipment -- CCNS shear 18
(Monotonic and cyclic testing with both load
displacement control); Triaxial testing machin
(both for rock and soil samples with strain and st
path control) and an array of standard testibg
machines

Field Testing Equipment -- Pile Driving Analy:
(PDA); Pile Integrity Tester (PIT); Constant Surfa
Wave System (CSWS); SocketPro and down-ho
video; Marchetti dilatometer, CPT cone; jacks, 7
cells and instrumentation for field pile and ancho
testing :

Computing Facilities -- FLAC; UDEC; CAP WaS
GRLWEAP; GWEDGEM; SLOPE/W; :
TALREN; SEEP/W; SIGMA/W; C
ROCKET: SOCKET: PIGLET: WALLAP; DIANA
GENTOP; UTEXAS2 ‘
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NORMANDY
C ONS OLIDATTETD MINING LIMITED

HOMESTAKE GOLD OF + GOLD MINES -

AUSTRALIA LIMITED 5

{é” l‘é%m a joint venture between @\

KCGM is proud to support the Fourth A-NZ

Young Geotechnical Professionals
Conference

PMB 27
Black Sireet Kalgoorlie WA 6430

Inquiry Line 9022 1100 (24 hrs, 7 days)

Fax: 9022 1855

www.kalgold.com.au KCGM is a joint venture between
Normandy Mining Ltd and Homestake

i Gold of Australia Ltd

www.normandy.com.au

b DAMES & MOORE o

NCm
SN A DVISION OF LIRS CORPORATION

Climb the ladder of success with
D&M Woodward Clyde




The Centre for Geotechnical |
Research at the University of |
Sydney are proud to support
the 4™ Australia New Zealand |
Young Geotechnical Professnonals,%
Conference (Perth, 2000).

Further information on the centre may be requested from

Professor John Carter

Tel: +61 2 9352 2109

Fax: + 61 2 9351 3343
J-carter @civil.usyd.edu.au

MPA Williams and Associates
Consulting Geotechnical Engineers

[0 Mine Tailings Management

[l Water Balance Studies

[0 Geotechnical Investigations
[0 Foundation Design

1 Ground Improvement

0 Retaining Wall Design

Suite 7, 342 Albany Highway

Victoria Park WA 6100

Tel: (08) 9361 4664 Fax: (08) 9361 4668
Email: per@ perth.mpaw.com.au




 Consulting Geotechnical Engineers & Geologists

Soil & Rock Engineering is proud to be a
" Silver Sponsor of the Fourth A-NZ Young
" Geotechnical Professionals Conference.

Soil & Rock Engineering offer the following
@otechnical engineering/geological services:

* Mining and Resource Projects ’
_ Tailings Disposal Facilities, including inpit,
paddock and valley types.
- Mine Plant and Associated Infrastructure.
- Open Pit Mining.
- Underground Mining.

il and Industrial Projects

Preliminary, Feasibility and Detailed Geotechnical
Investigations.

Shallow and Deep Foundation Design

- Specialist Insitu Testing.

Soft Ground Engineering

Ground Improvement Design

Stability of Natural or Cut Slopes.

Pavement Design and Materials Investigations

nd Retention and Stabilit
Deta_liled Design of Earth Retention Systems.
Design and Detailing of Grouting Works.

ne and Offshore Projects

Planning and Initiation of Investigations.

~ Dredging Works and Assessment of Excavatability.
Assessment of Shallow Footings and Piled
1 Foundations for Offshore Structures.

i,
AL
;‘:‘ 'EA

4Ct: Chris Lane or David Foulsham
08) 9242 7477 Suite 5

‘ g)S 9242 7479 7 Hector St
J. Box 1346 Osborne Park
e Park WA 6916 Western Australia

Web_Page: www.soilrock.com.au
Email: soilrock @soilrock.com.au

Curtin’s Western Australian School of Mines

(WASM) is a world class provider of
postgraduate programs by coursework
(internal and external study), research, and
short courses. All courses offer a proven

Mining
Engineering
Program

The mining engineering program offers the following

courses at masters and associate diploma level:

Master of Engineering Science

(Mining Geomechanics)

Contact Prof Ernesto Villaescusa, telephone
+618 9088 6155, email villaee @wasm.curtin.edu.au

Master of Engineering Science
(Mine Planning and Design)
Contact Prof Peter Lilly, telephone +6[8 9088 6150,

email lillyp@wasm.curtin.edu.au
Graduate Diploma in Mining

Contact Dr Graham Baird, telephone +618 9088 6172,
email nbairdgr@cc.curtin.edu.au

Facsimile +618 9088 6151, or visit our website at

www.postgrad.curtin.edu.au

EXPECT THE WORLD
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Seismic Microzoning of the Ground Shaking Hazard from
Soil Geotechnical Properties, Gisborne, New Zealand.

Jaime Bevin
BSc(Tech), MSc(Hons), TG.IPENZ
Engineering Geologist, Foundation Engineering, Auckland, New Zealand

SUMMARY

Gisborne is an urban area built upon young, soft, unconsolidated sediments.  The extent of damage in the magnitude 6.3
Ormond earthquake near Gisborne in August 1993, and subsequent felt intensity surveys (MM V-VI) confirmed that the
pattern of shaking and damage was not uniform. ~ Geotechnical testing was undertaken to investigate the strength and
deformation properties of the soils underlying Gisborne. ~Analysis and modelling of Earthquake Commission (EQC) claims
from the Ormond earthquake were carried out to construct a claim density contour map. The map revealed two anomalous
areas of high claim density in the northern suburbs of Mangapapa and Whataupoko compared to the rest of the city.
Investigation of the underlying Neogene basement topography revealed the presence of sediment infilled valleys underneath
or very close to each of the two claim dénsity highs. The greater damage and anomalous claim density highs may have been
caused by ground motion amplification at frequencies close to natural site periods, enhanced by resonance effects within the

infilled sediment.
1. INTRODUCTION

Gisborne (45,780 people - 1996 census), is located on the
eastern coast of the North Island of New Zealand (Figure
1). The region is part of a seismically active zone where
the oceanic lithosphere of the Pacific Plate is being
subducted beneath continental crust of the Australian
Plate.  In an average year around 13 earthquakes of
magnitude 4.0 or larger, and less than 60 km in depth,
occur within 100 km of Gisborne (Hamilton 1969).

The city of Gisborne overlies young, soft unconsolidated
sediments of Holocene age, built up of alluvial and coastal
deposits by successive flooding and fluctuating sea level.
The topography of the underlying Neogene basement
siltstones and mudstones is variable and buried by up to
40 m of sediment.  Studies by Borcherdt (1985) and
Hough et. al. (1990) have shown that the sediment
through which seismic waves pass can affect the velocity
and amplitude of the waves, particularly for areas of
young unconsolidated sediments such as those underlying
Gisborne.

The extent of damage in the magnitude 6.3 10 August
1993 Ormond earthquake to the city of Gisborne and
subsequent felt intensity surveys (MM V-VI) have
confirmed that the pattern of damage and shaking was not
pnifom. It was evident that shaking was much greater
in the northern suburbs of Mangapapa and Whataupoko.

2. EARTHQUAKES IN THE GISBORNE
REGION

21 Return Periods

Earthquake hazard is usually evaluated in terms of Return
Period, which is the average time between occurrences for
a shock of some particular magnitude or intensity. Table
1 summarises mean return periods for various Modified
Mercalli (MM) intensities for the Gisborne Region.

The actual felt intensity is dependent upon the magnitude
and characteristics of the source event, distance from
source, and the materials through which the waves travel.
The calculated return periods take into account the effect
of the regional geology or average ground conditions, but
do not account for local site conditions.  Unfavourable
site conditions such as young alluvial deposits can cause
an increase in the intensity by 1 or 2 units on the Modified
Mercalli (MM) scale and a decrease in return periods
(Smith 1990).

MM Intensity Return Period (Years)
> VI 10
> VII 50
> VIII 200
> IX 1000

Table 1: Mean Return Periods for Earthquakes in the Gisborne
Region (adapted from Smith and Berryman 1986)

Felt intensities as high as MM VII have occurred in
Gisborne this century. These intensities were felt in the
1931 magnitude 7.9 Napier earthquake, the 1932
magnitude 6.8 Wairoa earthquake, the 1966 magnitude
6.2 Gisborne Earthquake and the magnitude 6.3 1993
Ormond earthquake.  Other notable earthquakes which
have caused MM intensities of VI occurred in 1914, 1931,
1947 and 1960.

2.2 1993 Ormond Earthquake

The Ormond earthquake epicentre occurred 25 km
northwest of Gisborne at approximately 2150 hours on
August 10 1993.  The event was a magnitude My, 6.3
event with its focal depth at 48 km and its epicentre
located at 38.52°S 177.93°E between Ormond and
Waimata (Figure 1). A swarm of aftershocks occurred
some 10 km further west of the earthquake epicentre at a
focal depth of 36 km (Read and Cousins 1994).




Proc. Fourth Australia New Zealand Young Geotechnical Professionals Conft House & Watson (eds), February 2000, Perth, Australia

-, ”- '

%
‘Whatatutu o 9{0
s/ %
/ 2
§

o Otoko /
<~
D A

Te Karaka \o s

// j \‘\k/y

/ Waipaca
Centroid of % S/l
aftershocks 5 K:aifaraxahi
! Ngatapa o
\ )
1
| . /
/’ \\ _V‘Naefenga-o-kuri y /
~ :
Muriwai Epicentre
S March 1966 X
Waingake _
LEGEND

/"\ Approximate area of
(// reported damage

Area with liquefaction effects
- Sand boils
- Lateral spreading

As f most it
6§ dr:pu.o -h ense
. Landsfide

\
GISBORNE
|
~
S\ y ‘/Epiccntrc t
A * 10 (?::f‘::r 1:)993 [ :

Figure I: Location Map and Map of Ground Damage

There were reports of strong to moderate shaking over
more than 1000 km? in the Gisborne region and lesser
shaking in Tolaga Bay, Wairoa and Napier (Read and
Cousins 1994). Newspaper and Seismological
Observatory surveys reported MM intensities of VII, felt
in an area of approximately 600 km?2 (Figure 1) and were
centred around the epicentre of the aftershocks (Read and
Cousins 1994). Maximum peak ground accelerations of
0.24g were recorded in Gisborne City.

23 Damage to Gisborne City

Within the city itself, intensities ranging between MMV
and MM VI were recorded with the differing intensities
felt throughout the city suggesting some variability in
ground motion.  Higher intensities of MM VI were more
prevalent north of the city centre in the suburbs of

Features for the August 1993 Ormond Earthquake

Whataupoko and Mangapapa, with minor pockets of MM
VII (Read and Cousins 1994). Wells (1994) also reported
definite microzoning effects around Perry St in the suburb
of Mangapapa. Lesser intensities of MM 'V were more
common southwest of the Taruheru River and northeast of
the city centre in the suburb of Kaiti.

Strong motion data recorded in Gisborne was higher than
expected for MM V-VI intensity shaking based on the
attenuation relationship developed by Dowrick (1992).
However, shaking in the Ormond earthquake was
generally less severe in Gisborne than that produced by
the shallower 1966 M1 6.2 earthquake which produced
MM intensities of VI-VII and peak ground accelerations
of 0.28g.
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3, GEOTECHNICAL INVESTIGATION

3.1 Geotechnical Testing

The geotechnical properties of Gisborne soils were
investigated by Cone Penetrometer Testing at 19 sites in
May 1995. The locations are shown in Figure 2. In
addition, 24 shallow test pits were excavated at selected
sites across the city to determine soil properties in the
upper metre of the soil profile and provide samples for
laboratory testing. At each CPT site the soil profile was
characterised by soil types assigned using Robertson and
Campanella (1983).

Shear modulus (G), Young’s modulus (E) and Poisson’s
ratio (v) were then determined for each soil layer from
empirical relationships between cone resistance, void ratio
and overburden pressure using methods given in Lambe
and Whitman (1979) and Mayne and Rix (1993).
Further parameters such as shear-wave velocity (Vg) and
seismic impedance ratio (a measure of seismic rigidity)
were also calculated from relationships with strength
modulus, shear wave velocity and bulk density.

For each CPT site a depth weighted mean value was
determined for each of the above geotechnical parameters
using a method adapted from Fumal and Tinsley (1985) to
establish shear-wave velocities for the Los Angeles
Region. To determine the depth weighted mean, the
thickness of each layer was divided by the mean
geotechnical parameter assigned to that layer.  This
figure was then totalled down the profile and then divided
by the total depth of the profile.

Testing of the underlying soils in Gisborne shows they
have variable properties both vertically down the profile,
and laterally throughout the city.  The suburbs of Te
Hapara and Elgin are underlain by varying thicknesses of
sands, silty sands and sand mixtures, which in turn overlie
clays.  The sands are generally of loose to medium
density, while the clays range from soft to firm in
consistency. Gisborne Central is also underlain by these
loose to medium dense sands and sand mixtures.

Sqnds form the upper part of the profile in Mangapapa but
thin out towards the east and north, where clays form
most of the profile.  The density of the sands ranged
from loose to medium dense.  The clays are generally
soft, but are interbedded with stiff clays and silty clays.
Soft to very soft clays are dominant in Whataupoko.
Some sands overlie and cap these clays in the southern
part of the suburb.  The soil profile of Kaiti is also
doqunated by clays, however, the consistency of the clay
varies from soft to very stiff. The soft clays generally
form the lower part of the profile. ~ Stiff silty clays and
silt mixtures are interbedded within the soft clays.

The strength and deformation properties were generally
greater for the suburbs of Elgin, Te Hapara and Kaiti,
while the soils of Mangapapa and Whataupoko, and the
northern part of Gisborne Central were generally weaker.
These geotechnical properties are summarised in Table 2.

3.2 Investigation of the Neogene Basement
Topography

The subsurface Neogene basement (mudstone)
topography was delineated and mapped (Figure 2) with
data from a number of sources, including cone
penetrometer testing and borelogs from geotechnical
investigations around the city. The basement rock also
outcrops in several locations in Mangapapa and
Whataupoko, as well as around the mouth of the
Turanganui River, while basement depths from CPT
testing were assumed where cone refusal occurred (gc>30
MPa).

Depth to basement appears to be greatest beneath
Gisborne Central (around 40 metres), with basement
depths decreasing towards the hills in Mangapapa,
Whataupoko and Kaiti, and increasing out into the
Gisborne Plains.

Figure 2 shows there is some variability in the underlying
topography of the basement beneath Gisborne. Reports
of MM VI and VII in the 1993 Ormond earthquake appear
to coincide with sediment thickness of 6 to 10 metres in
the suburbs of Whataupoko and Mangapapa. This
contour is thought to be the edge of the buried wave-cut
platform composed of harder mudstone, buried by softer
mud and overlain with sand (Lensen 1969). The position
of the 8 and 10 metre contours through these suburbs also
approximately coincides with the shearing of service
pipes in the 1966 earthquake.  Figure 2 also shows
reasonable correlation with a map of sediment
thickness/depth to basement from a seismic noise study
carried out by Hatherton and Orr (1971).

4. GROUND SHAKING HAZARD

Regional ground shaking can be estimated by intensities
deduced from calculated return periods, but these
statistical values only account for the effects on regional
geology and average site conditions. They do not
account for unfavourable site conditions which can cause
an increase in the intensity by one or two units on the
Modified Mercalli scale and a decrease in return periods
(Smith 1990). It seems reasonable that this variation in
ground shaking might be a consequence of the thickness
of the unconsolidated material and the characteristics of
the materials themselves.

Suburb Normalised Cone | Youngs Modulus | Shear Modulus | Shear Wave Seismic
Resistance qc1 E G Velocity Vg | Impedance
MPa MPa MPa m/s Ratio

Te Hapara, Elgin 1.6-8.6 142-290 47-97 162-225 4.1-74
Gisborne Central

| Mangapapa 1.0-4.3 118-211 40-70 149-195 4.8-7.0
Whataupoko 0.9-1.3 87-115 29-38 133-151 7.4-8.6
Kaiti 1.4-3.1 100-201 33-67 141-194 5.7-1.5

Table 2: Summary of strength & deformation properties

-3-




, House & Watson (eds), February 2000, Perth, Australia

| Professionals Confée

3. 5%

Proc. Fourth Australia New Zealand Young Gec

I T | |

b,
\. YooK jusweseg susbosp o} Yideq jo dey inojuos .z ainb)4 X o
= r Ev_ F O .
S, \. — N000.9¢9
/ N\ ; (w) puUSwIsag .mi@momz of yde —21— Aepunoq AWD) —. .
\ S? MFWONIUY] U0 U020
A/. v 453 S2[IWONIURY FUo) Jo UOHLIOT @ speo. Jolepw
L,
\ Aeg Alieroy
- / ~ NOO089€E9
)
|
p o J\ @
L.
RV L2 CEN ) N00063E9
] INNRE
' EY &
—d al
o 09l ’
| S - | 9
J &
} oy 7 /
\ s & NO000LEY
\.\ / - s, LN30O |
g L, :
| 4 HOaS|
< —-—
'y 3
- .:\.\ o l&-‘ \
o ¢l . ~{ NOOOI £E9
R 7 » VHVdYH A1 /
(S w Y /
& 9 .I.\
.\.' \
- 9
_ —{N0002.LE9
N\ \ VONVY I
/ .
W )
\ .
- \\@5 @ \/ s
o, o~ . 7 - NOOOELE9
1 { Ry Tt .
: I 4 1 1 1 !
30001 562 30000562 % 30008¥62 3000L¥62 3000962 30005¥62 3000¢ 62

3000€v6C



Proc. Fourth Australia New Zealand Young Geotechnical Professionals Conference, House & Watson (eds), February 2000, Perth, Australia

Thus, the composition of near surface materials is also as
important as the distance from the earthquake epicentre.
Studies (e.g. Rogers et al. 1979, Geli et al. 1988) have
also shown that the topography or structure of the
basement rock underlying these unconsolidated sediments
can also affect the degree of shaking, also causing
amplitude enhancement of the seismic waves. The study
of these effects and their geographic variation are useful
for earthquake microzoning purposes.

4.1 EQC Claim Damage from the 1993
Earthquake

Following the 1993 Ormond earthquake, surveys to assess
the degree of shaking intensity and damage to the
Gisborne region were undertaken by Civil Defence and
IGNS. In addition, the results of the Earthquake
Commission (EQC) claims were modelled to assess which
areas of Gisborne were more damaged than other areas by
the effects of increased ground motion

Around 2800 claims were made to the EQC for damage

totalling $4 million, with 797 claims for the city of .

Gisborne. Claim densities and damage parameters were
then calculated from the EQC data set.  Claim density
(CDen) was calculated as claims per square kilometre
(claims/kmz) while a damage factor (DF) was calculated
as the ratio of EQC claims per thousand dwellings.
Claim density and damage factor are given by:

[l] CDen=
ared where n = number of claims

2] pF=— 2 _
1000 dwellings

EQC claim densities and damage factors given in Table 3
clearly show the suburbs of Mangapapa and especially
Whataupoko as having greater claim densities per area
and per 1000 dwellings than any other suburbs.  The
claim density for Whataupoko was around 50% greater
than other suburbs to the south and east.

To determine which areas of Gisborne experienced the
greatest damage, a contour map of EQC claim density was
constructed (Figure 3). In the absence of detailed MM
intensity data, contouring EQC claim densities allowed
determination of areas of high or anomalous claim
density, and thus, delineation of areas of greater ground
shaking.  Claim densities from the EQC data set in
Figure 3 are presented as number of claims per two
hundred square metres (claims/200m2), with the smaller
area allowing the pattern of damage to be studied more
closely.

The contour map shows two definite anomalous claim

density highs of up to 36 claims/200m? in Mangapapa
and Whataupoko - one around Walsh St in Mangapapa
and the other near Whitaker St in Whataupoko. Walsh
St is approximately 200 metres from Perry St, reported by
Wells (1994) as an area of definite microzoning effects in
the 1993 earthquake.  Structures in these suburbs are
predominantly light timber frame residential dwellings of
one or two stories.  Claim densities over the rest of

Gisborne ranged from six to twelve claims/200m2. In
addition, a smaller peak of around 22 claims/200m?,

=5 =

occurred in Mangapapa near the intersection of Valley Rd
and Gordon St.

4.2 Relationship between Geotechnical Properties
and Damage
To test if there are relationships between the damage
pattern and geotechnical properties, the data was analysed
using simple linear regression and fitting a straight line
through the data using the least squares method.  An
arbitrary value of r 2 0.7 (r2 2 0.5) was used to delineate
between significant and insignificant correlations.  The
geotechnical properties (depth weighted mean values from
CPT testing) have been used as the independent variable

and the claim density (claims/200m2) at each test site as
the dependent variable. Claim density values were
derived from the EQC data contoured in Figure 3.
Resuits of the analysis are given in Table 4.

In general, the geotechnical properties of Gisbornes soils
determined by cone penetrometer testing, relate well with
claim density. Claim densities were lower on soils with
greater (stronger) geotechnical properties or lower
impedance ratio.  Thus, the stronger the soil the less
damage that would be expected in an earthquake due to
ground shaking. However, this analysis did not explain
the anomalous claim density highs, nor their locations.

4.3 Shear-Wave Velocity and Impedance
Differences

Studies in the Los Angeles region have indicated that
shear-wave velocity is a critical factor in determining the
amplitude of ground motion (Fumal and Tinsley 1985).
Shear-wave velocity is also an important element in
parameters such as the seismic impedance ratio and
attenuation.

Good correlations with claim density, allows shear-wave
velocity to be used as a means of approximating the
response of a deposit to seismic shaking.  Shear-wave
velocity is also a useful index of the stiffness (an indicator
of strength), relative density and consistency of a
sediment (Tinsley and Fumal 1985).  Studies have also
found an inverse relationship between average shear-wave
velocities and MM intensities (Borcherdt et al. 1979).
Bevin (1995) constructed a contour map of mean shear-
wave velocities for Gisborne which showed good
correlations with reported MM intensities in the 1993
Ormond earthquake, and with the EQC claim densities in
Figure 3. Shear-wave velocities were generally lower in
Whataupoko and Mangapapa than the other suburbs.

Lower claim densities (<10 claims/200m2) were also
located in areas of higher shear-wave velocity (e.g. Elgin,
Te Hapara and Kaiti).

Previous studies have also shown shaking response is
greatest where impedance contrasts between surficial and
subjacent layers is greatest (Tinsley and Fumal 1985).
Thus, at sites of large impedance differences, as the
seismic waves propagate upwards, they pass into layers of
lower impedance.  The resistance to particle motion
decreases and the amplitude of the seismic wave increases
(Reiter 1990), resulting in greater shaking.  Therefore,
areas of weaker material overlying stronger material such
as very stiff clays or basement rock would expect greater
shaking. The largest impedance ratios (7.4 to 8.6)
generally occurred in the suburb of Whataupoko, where
MM intensities of at least VI were felt.
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Mangapapa | Whataupoko Kaiti Gisborne Te Hapara Elgin
Central

No. Claims 220 200 143 107 81 46
(8)))
% Claims of Total 27.6 25.1 7.9 13.4 10.2 5.8
Total Cost ($) $556,318 $481,432 $332,307 $307,629 $153,599 $76,320
Mean Cost ($) $2,564 $2,350 $2,324 $2,902 $1,896 $1,659
Population 5436 3477 7509 3393 4212 2838
(1991)
Approx. Area (km2) 5.78 3.39 6.36 4.02 3.26 3.50
Claim Density 38.1 59.0 22.5 26.2 24.8 13.1
Cl/kmz)
Damage Factor 122 153 86 52 49
C1/1000 dwellings)

Table 3: Summary and Breakdown of EQC Claims by Suburb for the 1993 Ormond Earthquake

4.4 Resonance, Site Amplification, Response
Spectra and Damage

The greatest damage occurred in the Suburbs of
Mangapapa and Whataupoko, where the sediment
thickness (depth to basement) is 6-16 m (Figure 2).
Overlaying Figures 2 and 3 shows that the location of the
two anomalous claim density highs appear to overlie
sediment infilled Neogene valleys with depths to
basement in the base of these valleys also ranging from 6
to 12 metres. The location of these highs also
approximately corresponds to the edge of the wave-cut
platform shown in Hamilton (1969).

Seismic waves entering these sediment infilled valleys
may become trapped and begin to reverberate, giving rise
to resonance effects, with the configuration of the
underlying topography affecting the amplitude of the
seismic waves. A sediment layer is expected to give rise
to resonance with frequency given by the relationship:

V

[3] fl:4IiI

where Vg is the shear-wave velocity, H is the layer
thickness and f; is the resonant frequency (Hz) of the
fundamental mode (Hough et al. 1990). The Neogene
valleys have shear-wave velocities of approximately
130m/s (mean of CPT sites 6, 7 and 8) and sediment
thickness ranging between 6 and 12 metres.  From
Equation 3, a sediment thickness of 12 metres would
imply a resonant frequency (fundamental site period) of
2.7 Hz (T=0.37s). Response is at its maximum when
the reverberating waves are in phase which each other and
is a frequency-dependent phenomena.

Response spectra from the 1993 Ormond earthquake is
available for three sites in Gisborne (Read and Cousins
1994).  Two of these sites, the CPO and 2ZG sites (in
central Gisborne), are soft soil sites with basement depths
of up to 35 to 40m. Maximum amplification of peak
surface motions here occurred at periods of 0.35 and 0.40s
(2.86 and 2.50Hz). The natural period of these two sites
(given by equation 3) is 1.0 to 1.1s respectively (Zhao et
al. 1995), so site amplification from resonance effects is
unlikely as the natural period of the site and the period at
which peak surface motions occurred do not match.

However, for the sediment infilled valleys these peak
surface motions of 0.35 to 0.40s are very close to natural
site periods, so the greater damage and anomalous claim
density highs may have been caused by ground motion
amplification at these frequencies. These site
amplification effects are considered to be one of the major
causes of damage to buildings as a result of earthquakes
(Hough et al. 1990), especially in the short period band of
0.3-0.5s (2.0-3.3 Hz). Ground motion characterised by
these fundamental periods is of greatest significance to
buildings of less than four stories (Rogers et al. 1985), the
case for much of Gisborne.

Sediment in the Neogene valleys gives rise to resonant
frequencies in phase with one quarter of the expected
wavelength. Thus, seismic waves entering these
Neogene valleys will reverberate causing amplification of
ground motion because the fundamental site period (and
frequency) is in the vulnerable range. Response spectra
for sites of thicker sediment in Gisborne (CPO and 2ZG
sites) have peaks close to that required for resonance
behaviour in the Neogene valleys. Marks and Larkin
(1995) have also demonstrated amplification of peak
ground motion at periods of T =0.4 to 0.5s for modelled
infilled valleys similar to the Neogene valleys in
Gisborne. Thus, it seems reasonable that this could be
applicable for the infilled Neogene valleys and the
anomalous claim densities underlying Mangapapa and
Whataupoko.

Further study is required to confirm this hypothesis.
Detailed seismic cone penetrometer testing would confirm
shear-wave velocities through the sediment infilled
valleys and delineate the underlying Neogene topography.
A seismograph network could also be located in this area,
on sites overlying the Neogene valleys, sites overlying the
wave-cut platform and sites where the Neogene basement
outcrops at the surface. Recordings of response spectra
in smaller, more frequent earthquakes would help to
confirm calculated wave amplitudes and site periods.

5 CONCLUSIONS

Geotechnical testing of the soils underlying Gisborne has
shown they have variable properties both vertically down
the profile, and laterally throughout the city. The
geotechnical properties reflecting strength and
deformation (moduli) were greatest for the suburbs of
Elgin, Te Hapara and Kaiti while the soils of Mangapapa
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and Whataupoko, and the northern part of Gisborne
Central are generally weaker.

Analysis and modelling of EQC claim damage from the
1993 Ormond earthquake has allowed determination of
claim densities and the construction of a claim density
contour map. Claim densities reveal two anomalous areas
of very high claim density compared to the rest of the city.
Claim densities were much greater in Mangapapa and
Whataupoko, which correlated well with MM intensities
from the earthquake. Construction of the claim density
contour map allowed the location of these anomalous
claim density highs to be determined, and to investigate
the cause of these anomalies. Analysis of geotechnical
testing by CPT and claim density showed good
correlation, but did not completely explain the location of
the anomalies.

Investigation of the underlying Neogene basement
topography has shown the presence of sediment infilled
valleys. Resonance effects are a strong argument for
these high claim densities. The two anomalies plot very
close to two Neogene valleys, which are infilled by 6 to
12 metres of sediment. Seismic waves with frequencies
close to the natural site period could have caused site

amplification effects, leading to greater shaking and felt
intensity in the 1993 earthquake. This hypothesis is
supported by research on site response of sediment
infilled alluvial basins. Amplification of up to 0.8g can
occur at periods of 0.4 to 0.5s. This is very close to
natural site periods for the areas of the anomalous claim
density.

Recent major earthquakes such as the Northridge
earthquake (California 1994), Kobe (Japan 1995) and
Taiwan (1999) are constant reminders of the destruction
and loss of life earthquakes can cause, even in developed
countries with strict building codes, disaster preparedness
and earthquake response planning. So defining
earthquake hazards in towns and cities, is an important
planning tool.
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Linear Regression Youngs Modulus Shear Modulus Shear Wave Seismic
Parameter E G Velocity , Vs Impedance
MPa MPa m/s Ratio
n 19 19 19 19
M -0.08 -0.24 -0.18 2.97
B 21.8 219 39.6 -7.9
r 0.75 0.76 0.75 0.70
where n is the number of data points; M, B are the slope and the intercept respectively for the regression
CDen =M * X + B, where X is the geotechnical property, for which the correlation coefficient is r.

Table 4: Regression Analysis of Claim Damage and geotechnical properties at each CPT site.
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DESIGN OF SHALLOW FOUNDATIONS
IN CALCAREOUS SOIL - A CASE STUDY
“FREMANTLE ICE WORKS,
STAGE 3 DEVELOPMENT”

P.A. BIERMA, BE
Airey Ryan and Hill Consulting Engineers, West Perth, W.A., Australia

of a structural foundation system depends upon the soil parameters determined from geotechnical site investigation.
xperience on projects located in Fremantle, approximately 17km from Perth, WA, where the coastal site soils primarily
calcareous sand, has demonstrated a lack of correlation between foundation design parameters, determined by traditional
jcal site investigation techniques, and actual performance. The correlations and methods generally adopted for the
ation of foundation design parameters appear to be those used to evaluate siliceous sands. This approach can offer a fair
ccuracy for silicious sands but does not appear to accurately model calcareous sands. The field investigative techniques,
uent interpretation adopted may not always accurately model the degree of cementation present in calcareous soils.
cted, this can lead to grossly conservative results. A high level of conservatism can result in significant structural
tion costs over and above those which would apply had a more accurate determination of the site soil parameters been made.

mantle Ice Works Stage 3 site, from the results of Cone Penetrometer Testing (CPT) and inferred soil parameters, the
ommendation from the investigating geotechnical consulting firm was to install piles on the boundary to accommodate
loading. It was also suggested that consideration be given to piling the entire site to alleviate concerns of liquefaction of
lying calcareous soils under earthquake loading. Concern was also expressed regarding potential extreme differential
ts of shallow spread footings. Airey Ryan and Hill adopted a raft foundation design unassisted by piles. The modelling
ft foundation incorporated soil parameters inferred from the initial CPT testing. Subsequent deflection monitoring of the
raft foundation, during construction, revealed deflections of the order of 2 % of those predicted by Finite Element
and by semi-elastic analysis. This indicates that the inferred design parameters used for modelling the soil strata,
ly the stiffness of the underlying layers, were grossly underestimated. This appears to be due to a serious inability to
ly predict stiffness parameters of calcareous soils using an investigative technique, and parameter inference models,
te to other soil types. This is conceivably due to a lack of established local correlations for calcareous soil sites, time and
Taints associated with the geotechnical investigation, and due consideration given to the highly variable and collapsible
of calcareous soils.

tion of a raft foundation, instead of piles and pile caps, resulted in significant savings for the developer. Given the
1g performance of the raft foundation, compared to that predicted, the installation of the raft appears with hindsight to also
conservative. The highly variable nature of calcareous soils, difficulty in accurate modelling of behaviour, and the dire
nces of failure under excess load, typically result in conservative estimates of soil design parameters. This naturally
conservative foundation design. If a high level of conservatism is adopted by both the investigating geotechnical
, and the structural engineer responsible for foundation design, the cumulative effect on the cost of foundations can be
tive fo.r onshore developments. There is a clear need for cost effective field investigative techniques which can determine
us sOll. design parameters to a reasonable degree of precision. The resultant benefits of cost effective and appropriate
N design can then be passed onto the developer, and ultimately the consumer.

-11-
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1 INTRODUCTION

Calcareous sands behave significantly differently to “normal”
siliceous sands of similar grain size distribution, and have
proven to be troublesome for foundation design, both offshore
and onshore. Extensive research of calcareous soils has been
performed recently at the University of Western Australia,
with particular emphasis on foundation systems for offshore
structures. However, comparatively little information exists
which is specific to the design and performance of onshore
shallow foundations on calcareous soils.

The degree of cementation of calcareous soils impacts
significantly on its load bearing capacity. The highly variable
degree of cementation of a calcareous soil can vary the soil
response to load from, virtually that of a solid rock, to that of
a very weak, collapsible, unstable soil.

The common existence of cemented layers of calcareous soil
at the surface, with weak underlying layers, has often led to
concern of liquefaction of the soil under foundations
subjected to cyclic earthquake loads, and the possibility of
resultant excessive shallow foundation settlement. In the case
of the Fremantle Ice Works Stage 3 development, it has been
demonstrated that the CPT testing performed underestimated
the stiffness and strength of both the cemented layer near the
surface and the underlying weaker material. The bearing
pressures applied by a medium sized development are
relatively “light” when compared to the bearing pressures
likely to be exerted by piles or large storage tanks.

This paper presents a case study of the Fremantle Iceworks
Stage 3 development. The gross differences between the
calculated foundation deflection based upon parameters
inferred from the site investigation work, and the deflection
that occurred (which was monitored throughout construction)
clearly indicate erroneous soil stiffness values derived from
the initial site investigation. The soil stiffness parameters
derived from the site soil stratigraphy have been demonstrated
to grossly underestimate the degree of cementation of the
calcareous site soils and the stiffness of the underlying less
well cemented layers.

2 GEOTECHNICAL SITE EVALUATION

The “Iceworks” Stage 3 Development consists of a four
storey apartment block on a 30m x 22m site within a
kilometre of the coast in Fremantle, WA. The adjoining sites
comprise a 3 storey building to the east, a 1 storey car deck to
the south and a 2 storey building to the west.

The soil profile typically found below the Fremantle area
comprises layers of sand, derived from Tamala Limestone,
and/or layers of calcareous soil derived from the Safety Bay
geological unit, with varying degrees of cementation,
overlying weathered limestone rock at depth.

21 Fieldwork

The fieldwork for the geotechnical investigation consisted of
3 CPT tests and water level and height level surveys at each
CPT test location.

The investigating geotechnical firm reported that, in general,
the results of the CPT tests performed indicated soil of lesser
strength than that inferred at other nearby sites in the
Fremantle region.

The water table was reported to exist at a depth of between
1.05m and 1.25m below the natural ground level.

The CPT tests typically met refusal at 15 to 16m depth,
indicating an underlying layer of very strongly cemented
calcareous soil or weathered limestone cap rock.

2.2 Inferred Soil Strata & Parameters

Based on the Geological Map of Western Australia,
Fremantle Sheet, and the results of the CPT tests, a

generalised subsurface soil profile was prepared including an
estimate of the Elastic Modulus (E) for each soil layer.

The CPT test cone resistances recorded appeared to indicate
particularly low strength soil layers between depths of
approximately 3 to 4m and again at 10 to 15m below the
existing ground surface. The tip resistances recorded were of
the order of 1.25 MPa and 0.5 MPa respectively.

The relationship between EFCP tip resistance (qc) and Elastic
Modulus (E) is typically given by :

E=aqc 1)

where :

E = Estimated soil layer elastic modulus (MPa)
q. = EFCP tip resistance (MPa)
o = Constant

The empirical constant () relating the soil layer stiffness and
EFCP tip resistance is generally dependent on the relative
density, effective vertical stress and degree of
overconsolidation of soil strata being considered and local
experience. For the Iceworks Stage 3 site, the weak layers
were assigned a constant of 4.0, and for the other layers the
constant was approximately 2.7. The inferred geotechnical
model for the Iceworks, Stage 3 site is as per Figure 1 below.

Layer | Depth | Consistency Elastic | Description
Range Mod.
(m) (MPa)
1 0-3 Medium Dense 20 Sand
2 3-4 Loose 5 Sandy Silt
3 4-8 Loose/Med. 16 Silty Sand
Dense

4 8§-10 Loose 10 Sandy Silt
5 10 - 15 | Very Loose/Soft 1 Clayey Silt
6 >15 Cemented 200+ | Limestone

-12-

Figure 1: Inferred geotechnical model.
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shallow spread footings were given by the
stechnical firm. For strip footmgS, and
sressure, the calculated elastic deflection was
gomm and for pad footings was 15 to 40
oting size increased, the calculated deflection
¢ the same bearing pressure. It was noted, in
report, that the calculated footing deflections
and that creep settlement could add up to
tion and interaction with adjacent footings

onal 15 to 30%.
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as anticipated that piles would be required to
e eccentric loading on the boundary footings.
- footings were to be piled, the estimated pile
d be of the order of Smm. Concern over
ement between the piled boundary footings
tings led to the recommendation that
given to supporting the entire building on
¢ couldn’t be designed to accommodate the
ential settlements.

iled footing system could utilise cast in-situ
piles toed into the limestone approximately
xisting ground surface. The allowable design
y pressure and skin friction was recommended
a respectively.

ile ‘design figures quoted above, a 350mm
‘would have a theoretical working capacity in
of 275kN, and a 450mm diameter pile
2kN.

the estimated building load, in excess of 40 piles,
are grid, drilled to a depth of 15m, would be
port the four storey structure. Due to the
spacing of the piles, a continuous raft would
Or construction purposes, rather than individual
would essentially cover the majority of the

Iting argument presented for the adoption of a

System, was concern that the potential for
,ﬂ'le l_ow strength subsurface soils under cyclic
aas existed. Based on a simplified procedure by
i for saturated uncemented sandy soils, the site
as having a “high” risk of liquefaction if
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RNATIVE STRUCTURAL RESPONSE

porting Arguments

M e,rcx.al Impact of a piling scheme versus a non-

0ting, warranted the investigation of an

3 ::sttlion design despite the liquefaction concern

gating consulting geotechnical firm.
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Settlement of foundations, and resistance to shear failure, for
silica sands depends on both the size and shape of foundation
and on its depth below the surface and the degree of
compaction of the sand (relative density).

Shallow spread footings such as strip and pad footings are
suitable for soil where a stratum of high relative density and
adequate thickness exists near the surface. In the case of
calcareous soils, shallow footings may be suitable if a
cemented layer exists at or near the surface, capable of
supporting the imposed loads.

These foundations offer little resistance to differential
movements, which must be limited to sufficiently low levels,
or allowance made for movement joints in the design of the
superstructure. Footings of this type are normally utilised
only where the site soils possess low compressibility, or they
are proportioned to limit design bearing pressures (and
settlements) to low levels.

For the Fremantle Iceworks Stage 3 development, Airey Ryan
and Hill adopted a raft foundation which was unassisted by
piles. This resulted in a saving of the order of $70,000 or
approximately 55% of the cost of the piled option.

In appropriate circumstances, a raft footing bridges over soil
irregularities, and the average settlement does not approach
the extreme values of spread footings. A raft foundation will
also greatly restrict differential settlements, and at the
boundary will act as a continuous strap footing, reducing the
soil bearing pressures on the boundary to acceptable levels.
This can negate any requirement for piling to accommodate
eccentric loading.

If piles were to be used at close centres, then pile caps would
cover the majority of the building footprint, and so a raft
would not increase material requirements or site preparation
excessively. In addition, adaptation of the raft foundation to
function as the ground slab for the development was possible,
providing further cost savings.

The raft foundation is able to spread the building loads over
the largest possible area, and reduce the design bearing
pressures on the subsoil strata. A raft foundation appeared
appropriate, provided total and differential deflections could
be limited to acceptable levels, and the issue of liquefaction
of the underlying weaker soil strata under earthquake loading
could be addressed.

3.2 Background Information

For normal silica sands the ultimate bearing capacity is
dependent on the soil unit weight and angle of internal
friction which varies primarily with the relative density of the
soil. In some circumstances the soil bearing capacity of a raft
foundation is also increased due to the larger foundation size
and greater founding depth. Terzaghi and Peck (1948)
indicate that an increase in allowable bearing pressure of up
to 100% is possible for silica sands.

This situation is however, not directly applicable to
calcareous soils which differ significantly from silica sands in
geological formation, chemistry, physical properties and
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performance under load. Calcareous sands generally exist in
a very open structure, with an immense scope for variation in
properties which are influenced by CaCo3 content, grain size
distribution, in situ density and the degree of cementation.

For shallow footings on uncemented calcareous soils the
bearing capacity depends primarily on the compressibility of
the soil and is largely independent of footing size. This has
been demonstrated by centrifuge testing performed at the
University of Western Australia by Finnie and Randolph (1)
which has shown that the relationship between applied
pressure and displacement is almost linear, and that there is
no well defined yield point or “ultimate bearing pressure”.
Instead it is proposed that the ‘bearing capacity’ of the soil be
measured as that which results in acceptable footing
settlement for the superstructure being considered. The mode
of deformation of the soil is that of localised shearing of the
soil particles at the perimeter of the footing. Finnie and
Randolph (1) report that previous studies of punching shear
failure of un-cemented calcareous soil reveals the lack of a
rational approach to predicting the bearing capacity.

Odometer tests, on offshore and onshore uncemented
calcareous soils, performed by Joer et.al. (2) indicate that for
the onshore deposit, which consists primarily of uniform
coarse rounded particles or pellets, there is a quasi linear
increase in soil stiffness with controlled displacement. Tests
performed on samples with different initial voids ratio
indicate a convergence of settlement versus bearing pressure
irrespective of the initial voids ratio. This, however, is
limited to very high bearing pressures, such as those typical
for driven piles, and not those appropriate for shallow
foundations.  Acceptable settlement limits for shallow
foundations correspond to ‘low’ bearing pressures, and are
largely influenced by the initial voids ratio. The work
performed by Joer etal. (2) is confirmed by Finnie and
Randolph (1), which indicates that under drained conditions,
the major contributing factor towards foundation settlement is
compression of the soil directly below the foundation, which
is largely independent of foundation size. The primary mode
of settlement is compression of the open structure calcareous
soil, which is not accompanied by soil yield and displacement
that might be expected for denser silica sands.

Soil improvement techniques, such as vibro-compaction can
improve calcareous soils to be subjected to ‘high’ loads likely
to break any cementation of soil particles, if present.
However, for most onshore sites, where there is some
cementation present however weak, application of vibro-
compaction will break any cementation between particles,
which may not have been broken under ‘low’ loads. This
could result in a reduction in the soil stiffness compared to
that available had the bonds between grains not been broken.
All that may be achieved is a uniformity in soil stiffness
across a particular site which aids design for differential
settlement. Vibro techniques for onshore developments, in
close proximity to one another, are also not suitable due to
possible increased settlement of adjacent structures at the
boundary due to a reduction in soil stiffness. In addition
damage to adjacent structures can occur due to vibration and
compaction of the underlying soil strata.

=14 -

Where ‘low’ loads are likely to be imposed on a weakly
cemented calcareous soil site it is critical to determine if the
imposed bearing pressures are likely to destroy any
cementation present, or whether the degree of cementation is
likely to reduce in the future, resulting in foundation
settlement beyond that anticipated.

A common situation for both onshore and offshore calcareous
soil, is that a cemented layer of calcareous soil exists at or
near the surface, with weaker layers of un-cemented or
variably cemented layers undemneath. This is clearly
indicated by the CPT test logs for the Fremantle Iceworks
site, and is also evident for several other sites in the Fremantle
region.

The cemented crust acts to spread the applied shallow
foundation loads over a larger region. The crust can in some
situations span over weaker subsurface material, shielding it
from both overburden pressure and applied load.

Exceeding the strength of the upper cemented crust can lead
to a sudden punch through failure accompanied by
uncontrolled settlement. Finnie and Randolph (3) observed
that the failure mechanism, and resultant settlement, was
dependent on both the ratio of the crust thickness to
foundation size, and the relative stiffness of the underlying
material.

For a ‘thin’ crust where the thickness ratio of the depth of
cemented crust to the foundation size is less than 0.4, the
crust acts like a spreader beam and deflects in a bending
mode. With increasing load, the flexural tensile capacity of
the cemented layer is eventually exceeded and tension cracks
initiate at points beneath the perimeter of the foundation and
propagate upwards through the crust. Refer to Figure 2 below
reproduced from Finnie and Randolph (3).

Strong Cemented
Layer

Soft Uncemented
Material

\

High tensile stresses

{a) Bending Failure. initiate cracking,

Mechanism in relatively thin crust.

%

Strong Cemented
Layer

High-shear stresses
initiate shearing.

™
3

\/ —{ <
{b) Conventional Punch Through Failure.
Mechanism in relatively thick crust.

Further penetration causing
causing disruption of
cemented plug.

Soft Uncemented

1
1
1
1
1
! Material

Figure 2: Failure modes for penetration of cemented crust
overlying uncemented material.

The degree of settlement is governed by the stiffness of the
underlying material and the laboratory results of Finnie and
Randolph (3) indicate the bearing modulus is within a factor
of 2 of the bearing modulus for the underlying material had
no crust been present. This is thought to be due to ‘load
spread’ by the upper cemented layer for small settlements.

L
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; his is largely independent of foundation size and
ndent on the compressibility of the calcareous
1 softening was observed during the testing by
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ty with foundation settlement.

per crust with a thickness to foundation size
<s of 0.4, the failure mechanism was observed, by
‘Randolph (3), to be a punching shear failure
he upper crust in a conical shape approximately 40
vertical (refer to Figure 2). The central sheared
ened to a stubby pile with crushing of the sheared
the foundation possible prior to shearing through
ing weaker material with increasing load. For
ere the underlying material was silt, significant
ling was observed, which could be classified as a
unch-through failure with uncontrolled settlement.
nderlying material was calcareous sand, crushing
crust ‘plug’ was also observed but there was no
ng with punch through to the underlying
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Raft Foundation Modelling & Design

lement Analysis (FEA) performed by Soil and
eering using the FEAR program, and a simplified
ysis performed by the Author using SpaceGass,
to predict the settlement of the Iceworks raft
n. Both analyses assumed the elastic modulus of the
rs as given in Figure 1 (inferred from the CPT
and the same design loading.

nite Element Analysis

ase of the FEA performed by an independent
consulting firm using the FEAR program, the
ft curvature could be used to predict the bending
uced in the raft for reinforcement design. This
umed a uniform loading over the entire surface of
indicated ‘dishing’ of the raft in the centre. The
m curvature of the raft was in the short axis direction
centre of the raft. This indicated a peak ultimate
moment of 130 kNm/m. This is comparable to
ts. in the raft calculated assuming an upward
aring pressure exerted by the soil on the base of

mplified Elastic Method

Plified elastic analyses of the raft were performed
10r. The first comprised a one dimensional model

‘ -lo:tled Wwall loads on the 400mm thick concrete raft
'tre§ a_i_‘:ls: with the raft supported on springs at
bt s y € spring stiffness adopted corresponded to

. 'I?l:' S“bgmd_e modulus taken over the full 15m
‘ te;sure‘sdanal}’sm indicated an almost uniform soil
i ue to the high stiffness of the raft

foundation with respect to the soil strata.  This one
dimensional analysis indicated maximum settlement at the
edges of the raft with hogging between the extreme external
walls. This analysis does not model the distortion of the soil
surrounding the raft, and is in direct contrast with the
‘dishing’ indicated by the Finite Element Analysis which also
accounts for the two dimensional nature of the raft
foundation.

The second two simplified elastic analyses assumed that load
spread, due to the stiff upper 3m of soil strata, was occurring
as investigated by Finnie and Randolph (3). The Iceworks
Stage 3 raft foundation being approximately 20m wide gives
a thickness ratio of 0.15 to the 3m stiff crust identified in the
CPT test logs. The cone tip resistance for this layer lay in the
range from 5 to 15 MPa. A thickness ratio of less than 0.4
indicates a ‘bending’ type response of the upper layer with
load spread at approximately 40 degrees from vertical through
the layer. Finnie and Randolph (3) estimated that, based upon
CPT tests of prototype foundations on artificially cemented
layers subjected to centrifuge testing, cone resistances in the
order of 6-10 MPa corresponded to a weakly cemented layer,
10-16 MPa for a medium strength cemented layer and 30-45
MPa for a strongly cemented layer. For the purpose of
analysis, the 3.0m stiff layer was assumed to be ‘strongly
cemented’ with a Young’s modulus, E of 200MPa and a beam
tensile strength of 1.2MPa.

The effect of the loading of the raft foundation on the 3.0m
thick upper ‘crust’, and the spread loading of the raft on the
underlying 12m of weaker soil strata was modelled
separately. Refer to Figure 3.

DEPTH wi* 3M CRUST —«
om =0 Seser .
Py 5 ~ \\k I
i Ao 2 twlt %3 1 E
m A+t
; | ;.
8 7/ VERY LOOSE TO MEDIUM DENSE SAND Y
ey
s ‘ LOAD SPREAD— ™\
1Sm %
LIMESTONE

w2'< wi* (Approx 70%)

£2 (12m SOIL STRATA) = 3.8 MPa < E1 (3m CRUST) = 20 MPa

k2 < k1 (Approx 4.7%) 3m CRUST VERSUS 12m SOIL STRATA.

S.E. No.1-30m X 22m RAFT LOAD wi*ON 3m CEMENTED CRUST

MODELLED BY SPRINGS (k1) AT 500mm CRS.

S.E. No.2-REDUCED RAFT LOAD w2* OVER 150m x 150m OF 12m DEEP SOIL

STRATA MODELLED BY 3M DEEP 'SOIL* BEAMS ON SPRINGS (k2) AT 5m (RS.

Figure 3: Simplified elastic analysis model.

The first analysis modelled the raft as being supported by a
beam grillage with beams at Sm centres over an area of 150m
by 150m in plan. The soil surrounding the raft was modelled
as 3m deep by 5m wide ‘soil’ beams with a Young’s Modulus
of 200MPa. The raft was similarly modelled as concrete
beams 400mm deep at Sm centres with a Young’s Modulus of
28,600MPa corresponding to the 25MPa concrete to be used
for the foundation. The ‘soil’ beams and raft were supported
by springs of 20MPa stiffness equal to the inferred modulus
of the 3m thick upper cemented layer.

The second analysis allowed for load spread through the
upper 3m deep layer, and modelled the effect of the reduced
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raft load on the underlying 12m strata of soil. Again a ‘soil’
beam grillage was adopted to model the load spread of the
upper cemented layer with spring supports of 3.8 Mpa
stiffness equal to the equivalent soil modulus for the
underlying 12m of soil. The analysis also indicated the
greatest curvature of the soil (and raft) through the short axis
of the raft through the raft centre. This maximum curvature
corresponds to an ultimate (factored) positive bending
moment in the Sm wide by 3m deep ‘soil’ beam of 1439kNm
under the centre of the raft, and an ultimate peak negative
moment of 823kNm approximately 10m distant from the long
axis raft edge.

3.3.3  Theoretical Calculated Deflections

The calculated raft settlements for the different analyses
performed are summarised in Figure 4. It is relevant to note
that the total raft settlement, for the Simplified Elastic
analysis, would be the summation of that calculated for
compression of the upper crust (S.E. No.1) and compression
of the underlying 12m of soil strata (S.E. No.2).

Raft Deflection (mm)
Position FEA. S.E. No.1 S.E.No.2
Centre 45 3 47
Comner 12 2 23
Midway Long 25 3 35
Axis Edge
Midway Short 25 3 30
Axis Edge
FEA — Finite Element Analysis
S.E. No.l1 - Simplified Elastic Analysis of Raft on 3m
cemented crust.
S.E.No.2 - Simplified Elastic Analysis of spread Raft load

on 3m cemented crust acting on underlying
strata.

Figure 4: Calculated raft settlements by Finite Element
Analysis and Simplified Elastic Analysis

The typical deflected shape of the ‘soil’ beam grillage is
illustrated by Figure 5. The raft loading, reduced by load
spread through the upper 3m crust, is also indicated.

'//__..ﬂ-" A I e -
- B (P
// ] 3 L 1 i ;¢-—'
T 4 N1 i 4 =1 =
R i SN \,.“" o
/"J o A \ ~ s S
| |~ AT
P entli § B N - Lt
[/’K e
i |1 3 o} 5 A el .
e 1| (B e R R
=3 7 i ]t

Figure 5: Modelled soil strata deflection
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Note that the zone of influence of the raft loading on the
underlying soil strata does not extend far beyond the spread
raft footprint at the bottom level of the upper crust.

3.3.4  Theoretical Calculated Crust Strength

Based upon the beam flexural tensile strengths quoted in
Finnie and Randolph (3) for a ‘weak’, ‘medium’ and ‘strong’
cemented layer pertaining to laboratory prepared cemented
crusts, the design moment capacity (unfactored ) for a 3m
deep by 5m wide soil ‘beam’ would be 750 kNm, 2250 kNm
and 9000 kNm respectively. These capacities indicate a
factor of safety against failure of the crust due to the raft load
of 1.56 and 6.25 for the ‘medium’ and ‘strong’ layers
respectively. The crust tensile strengths quoted are however,
those of prepared laboratory specimens which have been
estimated to correspond to cone resistances of 6-10 MPa for
the weakly cemented layer, 10-16 MPa for the medium
strength layer and 3045 MPa for the strongest layer tested.
Considering the cone resistance of the upper 3m strata of soil
at the Iceworks site is in the order of 5-15 MPa, the
theoretical crust flexural capacity is in the order of 1500
kNm. This is within 5% of the calculated ultimate factored
design moment acting on the 3m x 5m wide soil ‘beam’.
More information on the strength and stiffness properties of
any such crust at the Iceworks Stage 3 site is required to
better determine the crust yield point if in fact a cemented
crust exists.

4 FIELD MONITORING VERSUS MODEL

4.1 Raft Deflections

An initial level survey, of the top surface of the raft
foundation, was performed on the 1% April, 1998 from a
bench mark established at completion of construction of the
raft, and far enough away to be outside the raft zone of
influence. Further level surveys, performed from the same
benchmark, were performed at completion of construction of
the first floor, second floor and also several months after
project completion. The final set of levels taken on the 2™
December, 1999 indicate a maximum raft settlement of 3mm
in the centre, 3mm along the north and south short
boundaries, and 1mm midway along both east and west
boundary edges. These levels indicate the final raft deflection
is of the order of 7% or less than the settlement predicted by
both the Finite Element and Simplified Elastic analyses
performed on the raft using the soil stiffness moduli inferred
from the CPT testing.

4.2 Implications on Assumed Design Parameters

As can be seen, from the raft deflections calculated by the
Simplified Elastic analysis, the primary contribution to the
total raft settlement is that due to compression of the
underlying soil strata, and not compression of the upper
cemented crust. The gross differences between the actual raft
deflection and that predicted is directly attributable to the
inferred soil stiffness modulus quoted for the underlying
weaker material.
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> of erTor in calculation of the raft settlement
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3 site.
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below 2m depth and at 10m depth indicate un-
eous sand. This approximately relates to the
.rred between 3 and 4m depth and between
the investigating geotechnical firm. For
e logs the friction ratio is relatively low, in
9%, which is characteristic of ‘normal’ silica
lified elastic analysis conducted assumes that
: ion of each spring in the model is
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s valid for calcareous soils where the primary
rmation is compression. This is however, not
sand where the resistance to shear stress and
| deformation is affected by footing shape,
Therefore, if a significant portion of the soil

works Stage 3 site is silica sand, these factors

uence the analysis.

ce of weak layers in the inferred soil stratigraphy
t the calculated raft settlement due the low E
Correlations between cone tip resistance (90
odulus can be misleading for calcareous soils

ure bulb” created in the soil by the cone
ion. This pressure bulb can possibly fracture
jon present in the soil leading to
cally low tip resistances and hence inferred soil
Jower than that which exists in the undisturbed

| correlations are generally based on laboratory
uli using unaged and reconstituted silica sand
is approach does not account for cementation, or
strain history, which can result in significantly
ffness insitu than anticipated.

SSION
ieldwork & Soil Design Parameters

of shallow foundation systems on sands,
calcareous sand sites is generally governed by
her than strength except for unusually high loads
gs.

0 Fhaﬁon resistance recorded in the logs is a
ction of both strength and deformation properties
being tested. As no generally applicable
,flon for soil deformation modulus, as a function
Sistance exists, reliance on established empirical
wgt:lars to be common -practice. Hoyvever, to the
ils gT‘;;'DO S}lch esta}_)hshed correlations c’:xist for
4 ;ili c;s raises the issue of the appropnatenes.s
R sand correlations for estimates of soil
b anticipated to have a large calcareous sand
‘ verffm‘:e of soil stiffness from CPT test logs is
st Variation, even when using well established

correlations, and as such relies heavily on local knowledge of
site geology. Therefore, in the case of calcareous soil sites,
additional testing over CPT testing appears to be required if
design parameters are to be determined with any level of
accuracy, or good correlations on field data need to be

developed.

Insitu tests are preferable, but not always practicable. SPT
testing can be useful, due to the well established correlations
for number of blows and relative density of soil, or bearing
capacity (for silica sands), which may be used for comparison
purposes where calcareous soil deposits are suspected. The
concept of relative density calcareous soils is not really
appropriate due to their high compressibility and crushability
of grains. Also, SPT testing can give erroneous results in fine
or silty sands of low permeability where there is a drop in
pore pressure at the base of the spoon which leads to an
increase in effective stress and high blow count readings.

The use of a self boring pressuremeter may be an accurate
way of measuring soil stiffness as direct measurements of
horizontal displacement versus applied pressure can be made.

Seismic cone testing can be used to verify the stratigraphy
highlighted by CPT testing. The speed of shear waves
through the soil can be used to estimate the insitu soil elastic
modulus without the test destroying any cementation that may
be present. Seismic cone tests can also give a good indication
of liquefaction potential of calcareous soil sites.

Plate loading tests can be used to give good indications of soil
stiffness. These tests are only really appropriate for cemented
calcareous soil sites if the plate size and loads are comparable
to those to be implemented. Small scale loads and
deformations will not indicate any potential punch through
failure of a surface cemented crust. Plate loading tests
undertaken below the water table can be valuable in
measuring pore pressure generation and dissipation for
liquefaction analysis.

Laboratory testing, such as the oedometer test, is useful for
measuring the one dimensional deformation modulus of silica
sands. It is questionable however, whether it is possible to
obtain an ‘undisturbed’ insitu sample of calcareous soil for

testing purposes.

The gross difference between the calculated raft settlement
and that which actually occurred highlights the need for :

1. The use of supplementary field investigative
techniques to confirm / deny the presence of
collapsible calcareous soil layers indicated by CPT
testing. The use of supplementary field tests, and/or
laboratory testing to provide independent estimates
of foundation design parameters to those inferred
from CPT logs.

2. An industry awareness that use of soil classification
charts, and application of high levels of conservatism
to comelations applicable to silica sands for
calcareous soil deposits, results in safe, but in some
instances grossly conservative foundation designs
which can be excessively costly to development.

=
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Establishment of a database of local experience and
correlations for coastal calcareous soil deposits to aid
design.

A means of determining the presence and properties
(Young’s Modulus, flexural tensile strength) of any
cemented layers of calcareous soil which can be
modelled to spread foundation loads and shield
weaker underlying layers from imposed loads.

52 Liquefaction Potential

The evaluation of the likelihood of soil liquefaction during
earthquake loading involves firstly estimating the average
cyclic stress ratio likely to be imposed by a design seismic
event, and, secondly comparison with the average cyclic
stress ratio likely to cause liquefaction of the soil. The
current practice in North America, for determination of the
cyclic stress ratio to cause liquefaction, is either insitu soil
testing and use of field correlations, or laboratory testing on
representative soil samples. Because of the difficulty in
obtaining undisturbed soil samples, the insitu testing and field
correlation approach is generally preferred.

Empiracle correlation charts exist for uncemented sands and
silty sands, of cyclic stress ratio versus modified cone tip
resistance (from insitu CPT testing) from which the
possibility of liquefaction can be evaluated. These are
generally applicable to silica sands, in either a fully drained or
undrained condition, and must be used in conjunction with
local experience.

It has been established that sensitive uncemented fine grained
soils of low cone tip resistance and low friction ratio have a
high liquefaction potential or liquidity index. For calcareous
sands, the high compressibility results in low cone tip
resistance, but increased friction ratio. These have a higher
resistance to cyclic loading but, the size of the earthquake
loading will control their final susceptibility to liquefaction.

Finnie and Randolph (3) have demonstrated that for model
tests of shallow foundations on uncemented silt, liquefaction
can occur at cyclic load levels as low as 4% of the applied
bearing pressure which was 75 kPa. The performance of the
soil under cyclic loading was shown to be very sensitive to
the local density of the material, with densification of the soil
due to preloading by a factor of two, increasing the required
liquefaction failure cyclic load level to 10% of the applied
bearing pressure.

The earthquake acceleration coefficient for Perth is 0.09, and
for Fremantle, WA slightly lower. A site factor of 1.5 (as
defined in AS1170.4-1993) would also be appropriate which
would give a design earthquake base shear cyclic loading of
the order of 10 to 15% of the foundation design bearing
pressure. This exceeds the cyclic load levels observed to
cause liquefaction of saturated, uncemented calcareous silt
under model foundations during centrifuge tests conducted by
Finnie and Randolph (3). However, liquefaction of the
model shallow circular foundations tested occurred after up to
200 cycles at 48 seconds per cycle which is a far greater
duration of load than that of a seismic event.

-18-

For the Fremantle Iceworks site, the raft foundation reduced
design bearing pressures on the soil stratigraphy significantly
below those which would have been applied if pad and strip
footings had been used, as assumed by the investigating
geotechnical firm in their liquefaction assessment. The
testing done by Finnie and Randolph (3), and the existing
correlations relating cone tip resistance and liquefaction
failure cyclic stress ratio do not account for any cementation
of the soil. The upper, stiffer soil strata inferred to be 3.0m
deep may effectively shield the weaker underlying material
from load. If load spread is assumed, through the stiff soil
layer, then the raft foundation load at the interface of the
uppermost ‘weak’ layer identified represents an increase in
overburden pressure in the order of 45%. This does not
correspond to a large increase in load.

A valuable indicator of liquefaction potential is the measure
of pore pressure dissipation. This can give a good indication
of relative permeability, and volume change characteristics of
the soil, which are very important for evaluation of
liquefaction resistance. Pore pressure measurement can
indicate whether the soil is free draining with a high
permeability, not free draining with a low permeability, or a
medium between the two extremes. This greatly influences
liquefaction potential. However, no established correlations
currently exist between the measured CPTU pore pressure
response and liquefaction resistance. As the cone
penetrometer used at the Iceworks Stage 3 site was not
equipped with a piezometer, such data was not available for
evaluation.

The ‘low’ loads applied to the soil strata by the Iceworks
Stage 3 raft foundation, the lack of local correlations for CPT
test results, and the absence of pore pressure dissipation
information, make liquefaction potential of the soil
stratigraphy very difficult to assess. The high cost of
adopting piling, as a conservative response to concern of the
potential for liquefaction, compared to the costs of a more
detailed site investigation, clearly highlight the potential
benefit of supplementary testing in addition to the three CPT
tests conducted.

6 CONCLUSION

The Fremantle Iceworks project indicates a clear need for :

e Detailed geotechnical site investigative techniques, to
determine foundation design parameters to a greater degree of
accuracy where calcareous soils are anticipated. This is
particularly true where ground improvement techniques are
not appropriate, or where the insitu undisturbed soil is likely
to have greater strength and stiffness than that when treated.

e The use of several different techniques to firstly provide
confidence in foundation design parameters inferred from test
data, and also to discourage adoption of grossly conservative
design parameters due to lack of information.

¢ Emphasis to Clients and Developers of possible enormous
project cost savings if foundation design parameters
accounting for cementation can be determined within an
acceptable level of accuracy. The need for additional testing
to determine the presence of soil cementation, and analysis to

-
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The results of cone and standard penetrati

ndard penetration N value is in the form qc =& *

INTRODUCTION

correlations are useful for the conversion of
eld test data into the form appropriate for various
analyses and design. It is attempted here to
rrelations on local materials which should lead to
than others based on internationally collected
frequently been emphasised that it is imperative
locally prepared correlations (eg. Pender, 1998). A
nce on the significance of deriving correlations on
s comes from the finding that cone penetration
of pumiceous sand is not an indicator of relative
esley et al., 1998). Additionally interesting is the
sion arrived at by Marks and Larkin (1998) that the
shear modulus of the pumice sand is significantly
an that of quartz sand at similar relative densities and
ng pressures. Pranjoto and Larkin (1995) have
the grain softness of pumice sand and the high
io as being substantially responsible for its different
our in comparison to quartz sand. Nonetheless, it is
le mentioning that Takesue et al. (1995) have
that CPT-SPT correlations as well as pile design
for a volcanic soil distributed in southern Kyushu-
nd locally known as Shirasu) were consistent with
d values.

' GEOLOGY

e Basin where the field tests covered by this study
}lnder'taken, is a Pleistocene, predominantly
estuarine basin which was partially infilled during a
f rapid subsidence after the eruption of the Waiteariki
rﬂe (Briggs et al., 1996). The infill in the basin is
d of terrestrial and estuarine volcaniclastic sediments
non-welded or partially welded distal ignimbrites and
tephras (Pahoia Tephras), generally covered by 2
hce of younger airfall tephra (eg. Hamilton Ash and
t: Ash). These were reworked via fluvial, lacustrine
eannc. processes (Matua Subgroup), and re-deposited
nces interbedded with the primary volcanic units.

phically correlated using normal arithmetic plots. The linear least s

Between Cone Penetration Resistance and
ndard Penetration of some New Zealand Volcanic and

Deposits

Alaa S Ahmed-Zeki and Peter B C Bosselmann
Foundation Engineering, Auckland, New Zealand

on tests carried out in Tauranga volcanic soils and in Whangarei alluvial

quare equation relating the cone tip resistance, qc.,
N, where k is a constant. The ratio g¢c/N is then used to establish

S with the type of soil and the results are compared to international findings.

In Whangarei, the field tests were carried out in a low lying
area consisting of undifferentiated riverbed and flood plain
alluvium (Thompson, 1961; Markham, 1981). These soils
typically consist of thinly to very thinly bedded, very loose to
loose, unconsolidated sands, gravels, clays and silts with
occasional lenses of black humus rich peat.

3 FIELD TEST PROCEDURES

3.1 Standard Penetration Test

SPTs consist of driving a 50mm outer diameter split spoon
sampler into the soil using 64 kg hammer free falling through
0.75 metres. The number of blows required to drive the split
spoon sampler a distance of 300mm, after an initial
penetration of 150mm is referred to as the SPT "N" value. The
test is used mainly to assess the density of non-cohesive soils,
but may also give an indication of the relative strengths of
cohesive soils. It has the advantages of being simple and rapid,
allowing a large number of tests to be undertaken at a
relatively low cost, supplemented by a large database. It is 2
common practice not to record a blow count exceeding 50.

Patterson-Kan and North (1986) stated that due to the fact that
mechanical drop hammers as used in New Zealand deliver a
much greater energy per blow than the American rope and
capstan method, the locally performed tests consequently give
numerically lower SPT values. Therefore they suggested that
the SPT results may be factored up to 20 to 25% before
application to the correlation charts prepared in North
America. However, the writers of this article are unaware of
anybody applying this procedure in New Zealand.

3.2 Cone Penetration Test

In these tests, a 35mm diameter rod with a cone tipped end is
pushed continuously into the soil at a rate of approximately
20mm/second by a hydraulic jacking system.

)
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Measurements are made of the end bearing resistance on the
cone (the actual end bearing force divided by the cross-
sectional area) and friction resistance on a separate 130mm
long sleeve (the frictional force on the sleeve divided by its
surface area), immediately behind the cone. A 200 kN load
cell was used in Tauranga soils tests while the capacity of
the load cell in Whangarei alluvials was 100 kN. As
penetration occurs the information is recorded digitally,
processed and plotted once testing is finished.

4 ANALYSIS AND DISCUSSION

The depths to the recorded SPT N values were considered to
be at the mid points of the 300mm penetration of the
sampler. At these depths the corresponding q¢ values were
recorded. An alternative procedure would have been to
calculate average values of N and qc along the 300mm
penetration of the SPT sampler. No correction for overburden
pressure was applied. The correlations were carried out for
every two adjacent CPT and SPT at the sites. At one
location within the volcanic soils, two CPTs were performed
adjacent to an SPT location; here the q¢ values were averaged
at the assigned depths.

A direct qc versus N relationship was established in the form
of;

qe=k*N

where k is a constant. The results are presented in Figures 1
and 2 which show that the correlations within the volcanic
soils demonstrate a much larger scatter. In Figure 2, setting
the trendline's intercept on the vertical axis to zero resulted in
a negative value for correlation coefficient, so the dashed
trendline representing a non-restricted linear best fit
relationship is plotted to demonstrate the close comparison
in magnitude for the q¢ versus N values under consideration.

Power (1982) reported values for & of 0.3, 0.5 and 0.7 for a
range of Chalk types, while Chang (1988) observed values of
0.18, 0.2 and 0.23 for Singapore residual soils with a well-
defined correlation.
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Figure 1 CPT-SPT correlations for volcanic soils. Different
symbols denote pairs of CPT-SPTs at different locations of
the site.
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Figure 2 CPT-SPT correlations for alluvial soils. Different
symbols denote pairs of CPT-SPTs at different locations of
the site

To correlate the findings of these field tests with the type of
soil penetrated, Figures 3 and 4 were plotted on normal scales.
No grain size analyses were available for incorporation into
the current work, so the soil descriptions presented in the
borehole records were used. As can be seen, the plots for the
volcanic soils show a very significant scatter. Figure 4 for the
alluvial soils, however, shows a somewhat better relationship
for the two parameters and the q¢/N values here range between
80 and 500 for the adopted units.
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Figure 3 Correlation of q¢/N ratio versus soil type (volcanic
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' [n an attempt t0 compare parameters from local soils to
 those published in geotechnical literature overseas, the q¢/N
A f}htio against soil type was plotted as shown in Figure 5 (a)
" nd (b)- Extremely high values, which are believed to be due
o the sensitivity of the materials to disturbance where SPT
) N values approach zero, were discarded. The limitation on
 using the bore log description still applies for these figure,
albeit it can be observed that finer tuning to plot the points
ithin any soil group does not seem to alter the general

|t is clear on Figure 5 (a) that points of q¢/N ratio versus soil
type for the volcanic soils fall far beyond the outer limits
~ observed by Burland and Burbidge (1985) or Robertson et al.
~ (1983), regardless of the soil's particle size distribution. The
corresponding relationship for the alluvial soils as shown in
Figure 5 (b) compares reasonably closely to the published
relationships in the fine-grain region, but significantly lower
for the sand and gravel sized soils and so it does not show
dependence on the grain size distribution. For both volcanic
and alluvial soils, the increasing trend of the q¢/N ratio is not

~ visible.
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Flgure 5 Relative locations of q¢/N ratio versus “as-logged"”
soil type points for (a) volcanic soils and (b) alluvial soils,
Plotted on a pre-prepared figure of the variation of q¢/N ratio
Wwith the mean grain size of soil. The dashed lines show the
upper and lower limits of observations by the relevant
researchers.

(F tgure originally printed in the Canadian Foundation
Engmeering Manual, 3rd edition, 1992, page 52, and is
reprinted with the permission of the Canadian
Geotechnical Society)
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5 CONCLUSION

This study was an attempt to make use of some available data
in formalising corrections for the cone resistance and standard
penetration in local geological formations. No doubt, more
data should improve the results and refine the observations. il

Linear least square equations have been presented relating CPT \\ }
cone resistance, qc and the standard penetration N value for
volcanic and alluvial deposits found at two sites in Tauranga
and Whangarei respectively. i

However, rather than succeeding in observing well pronounced I
relationships, a substantial data scatter was observed, I \]
especially with the volcanic soils, when plotting q¢/N values i
against the type of soil.  This could indicate either that |
correlation relationships are difficult to obtain because of
inherent variabilities in the two types of field tests, or that the I
effect of a soil property other than grain size distribution is |

influential. “ ‘

In comparison to the observations published overseas, the [l
trend of increasing q¢/N values against increasing soil particle Il
size was absent in this study. Certainly, this study has }"s“
presented new evidence for the inappropriateness of the direct il |
application of imported correlations for design purposes.
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Geotechnical Considerations of Landfill Design and Construction

) Kevin Brennan and Ashton Hincksman, PPK Environment & Infrastructure Pty Ltd
one
1s of
Site
and, jil

Summary: The Environmental Guidelines for Solid Waste Landfills as published by the New South Wales Environmental

o protection Authority (EPA) provides a list of 39 so-called “benchmark” techniques. A number of the benchmarks relate directly
No. 0 the geotechnical characteristics of a landfill site and proposed construction materials. These geotechnical related

" benchmarks are outlined in the paper.

 To illustrate the requirements of these benchmarks, the methodology and results of a preliminary geotechnical investigation for
proposed landfill site concept plan is presented. Alternatives to the benchmark techniques which have been adopted, or are
oposed to be implemented at an operation landfill are provided.

1. INTRODUCTION

Design of landfills within New South Wales is primarily 3. A combination of design and construction, operations

driven by the requirements of The Environmental Guidelines management, monitoring, remediation and post closure
r Solid Waste Landfills as published by the New South
ales Environment Protection Authority (EPA) in
nuary 1996. The publication of these guidelines followed
elease of a draft document issued for public comment
ng 1995. The primary purpose of the Guidelines is to
aunch a consistent and environmentally responsible
proach to managing landfills across NSW’. In turn it is
ped that this will increase community confidence in
filling activities and avoid extremely costly remediation
Pprograms in the future.

management measures will generally be required to deal
with the range of potential environmental impacts for a
given site ie:

e Geological information;

e Hydrology

e Landfill operation

e Nature of wastes and quantity
e Meteorology

e Elevation

e Quality of groundwater

o L, i . e Leachate detection and controls
Ihe guidelines themselves include a set of environmental

als and outcomes that are to be achieved via a performance 4. There is no impediment to using operational or design
d approach. This method has been adopted to enable techniques not listed in the benchmark techniques.
dfill operators to develop an approach to landfilling which Alternative methods may be adopted providing

ight be more suitable for the subject site and its individual justification that the environmental goal will be met.
Characteristics.

i

The environmental goals of the guidelines are included within
¢ document through the provision of a list of 39 so-called
Chmark techniques’ which are based on worlds best
actice. The appropriate selection of relevant solutions to
environmental goal should be based on four key points:

o The site location and proposed waste types need to be
determined;

"rhat there is no impediment to rejecting some techniques
I relation to a given facility;

e

There are a number of these environmental benchmarks that
relate directly to the geotechnical characteristics of the
landfill site and proposed construction materials to be used.
These design aspects include, but are not limited to:

e Leachate Barrier System

e  Leachate Collection System

e Covering of Waste

e Landfill Gas Containment

e  Extraction and Disposal of Landfill Gas
e Site Capping and Revegetation
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The benchmark requirements have lead to the development of
a more detailed geotechnical scope of works being
implemented for landfill site investigation and design. To
demonstrate the practical application of geotechnical aspects
of landfill investigation and development of design
alternatives, experience at a proposed putrescible landfill site
and existing non-putrescible landfill have been presented.

2. GEOTECHNICAL INVESTIGATION FOR
A PROPOSED LANDFILL

To illustrate the requirements and the scope of works of a
geotechnical investigation for the concept design of a landfill
the following example is presented.

An Environmental Impact Statement (EIS) was recently
carried out for the proposed construction and operation of a
Class 1 solid waste landfill: The potential site for the landfill
was in an existing open cut coalmine, located in the Hunter
Valley of New South Wales. At the time of investigation the
operation of the mine was nearing completion, with the
majority of the site having been reshaped to its original
landform. The reshaping used the overburden material
resulting from the mining, which comprised a mixture of
blasted and excavated siltstones, sandstones and minor
carbonaceous materials in a sandy clay/clayey sand matrix.
Construction of the proposed landfill cells would require
excavation from the existing ground surface level to depths
ranging between 5m and 28 m. The depth of mine
overburden remaining'in place under the landfill cells would
range from Om (ie landfill founded on bedrock) to
approximately 45 m.

2.1 CONCEPT PLAN

The EIS required a preliminary geotechnical investigation of
the site be carried out, with the results to be utilised in the
development of a concept plan for the proposed landfill. The
concept plan was to comply with EPA Solid Waste Landfills
Guidelines for the construction of such facilities. Therefore
following excavation to the base of the proposed landfill, the
concept plan proposed a liner system that would collect and
recirculate leachate. The proposed liner comprised the
following arrangement:

e Leachate Collection layer, a minimum 300 mm thick
gravel drainage layer, over

e Protective Geotextile Layer; over

o Liner; Compacted Clay Layer (CCL) or a composite
liner comprising a High Density Polyethylene (HDPE)
geomembrane overlying a Geosynthetic Clay Liner
(GCL), over

e Cell Base Layer; a minimum 900 mm of compacted soil.
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Waste would be placed within each of the landfill ¢
to a maximum stage height of approximately 15:
would be unloaded from trucks at the working
shaped by the on site plant.

The concept plan proposed that when the landfill
waste would be covered with an engineered cappin
The aim of the capping layer is to reduce leachate g
by minimising stormwater infiltration, prevent er
soil loss by vegetating the cover and to minimise le
migration. The proposed cover would comprise the i

e  Revegetation Layer; a minimum 1000 mm thicl

o Infiltration Drainage Layer; a minimum 300
sand or gravel drainage layer, over

e Sealing Layer; Compacted Clay layer or a ge«
over

e Gas Drainage Layer; 2 minimum 300 mm co
over

e Seal Bearing Surface; soil layer covering lan
material.

2.2 GEOTECHNICAL ISSUES

In order to comply with the EPA benchmark techn
to determine the feasibility of the site for the cons
the landfill, the primary tasks/issues of the [
geotechnical investigation were as follows:

2.2.1 Settlement

Following the construction of the landfill, assess tt
settlement of the foundation material (mi
overburden) and the resulting possible affects such
of the liner.

2.2.2 Mine Subsidence

Consider the effects to the landfill liner and the fi
of the leachate collector drains if underground mir
subsided as a result of the applied landfill loads.

2.2.3 Slope Stability

Assess the slope stability of the site during an
construction and filling of the landfill, consic

interfaces, subsurface water, seismic loads ¢
surcharge.

2.2.4 Assessment of Source Materials

Investigate potential on site sources of material:
with the EPA benchmark techniques (eg permeab
construction of the landfill liner and capping laye:
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ATION SCOPE OF WORKS

echnical investigation for the EIS

geot ) -
esk study, walk over survey of the site, test pit

limited borehole investigation, laboratory

alysis of all results.

y

| reviewed all available material including:

otographs;
ography, geological, contour);

of past geotechnical investigations;
f the mining company records; and

ation obtained from the Mine Subsidence Board.

13
|

k over survey

of the walk over survey was to become familiar
conditions at the site and to identify/examine
ed on aerial photographs. Features that were

d included:
of bedrock and exposures of soil profiles;

e of major geological structures such as faults,
s, jointing, dip of strata;

A slope instability such as fresh rock faces, rubble
e top of slopes, hummocky or scarp topography;

i ground; and

dwater, boggy ground, watercourses, springs.

sites for the test pit and borehole investigations
during the walk over survey; with particular
n to vehicle access, services and boundaries of
sed landfill.

s

st Pit Investigation

> Were excavated using a Hyundai 290 excavator,
1.5 m wide bucket. The test pits were located in
disturbed by past mining operations and
€a that would be mined in the near future. The
€xcavated to the maximum reach of the machine
a depth of 5.5 m below existing ground surface
pits were logged and representative samples of

materials were recovered by the supervising
engineer.

DT

2.3.4 Borehole investigation

Boreholes were drilled at representative locations across the
site using a truck mounted Mobile B80 drill rig. The
boreholes were drilled through the mine waste overburden
using a Sim-cas eccentric under-reaming hammer bit which
advanced the casing to the base of the overburden. At selected
depths the hammer bit was removed and the
strength/compaction of the mine waste overburden soil profile
was determined from Standard Penetration Tests (SPT) ‘N’
values augmented with hand penetrometer readings on
cohesive samples recovered in the SPT split spoon. The
underlying bedrock was drilled using 2 standard down the
hole air percussion hammer. The boreholes were logged and
representative samples of the subsurface materials were
recovered by the supervising geotechnical engineer.

2.3.5 Laboratory

Selected subsurface materials sampled from the test pits and
the boreholes were tested in NATA registered laboratories to
assess the feasibility of reusing the mine waste overburden
(disturbed areas) and the natural clay deposits (from
undisturbed areas) for clay lining or capping of the landfill.
Samples taken from the mine overburden waste profiles
included gravel and cobble size material. For laboratory
testing purposes the samples were manually sorted on site to
be predominantly free from material greater than 75 mm
maximum dimension.

Laboratory testing included field moisture content, Atterberg
limits, particle size distribution, Emerson dispersion and
constant head permeability.

2.4 RESULTS

In general terms the test pits and boreholes located in
disturbed areas encountered a surface layer of topsoil
overlying mine overburden waste material (ranging in
thickness from approximately 25m to 37 m) and then
sedimentary bedrock. Difficult drilling and test pitting
conditions were experienced at some locations due to some of
the sandstone boulders encountered being greater than 2 m
thick. Some voids or zones of low air return were encountered
when the boreholes encountered cobbles or boulders. SPT N
values ranged from 7 to 23, with an average ‘N’ value of 16;
it was noted that gravel inclusions in the fill may have
elevated the recorded ‘N’ values. In general the mine
overburden waste material appeared to be moderately to well

compacted.
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The test pits located in mine’s undisturbed areas (at the time
of investigation) encountered a relatively thin layer of topsoil
overlying natural clayey and sandy soils and then relatively
shallow sedimentary bedrock at depths ranging from 0.7 m to
2.8 m. The natural clays and silts encountered in the test pits
were of medium to high plasticity and ranged in strength from
very stiff to hard.

No groundwater was observed in the test pits predominantly
due to pumps re-diverting groundwater flows around the open
cut mine operations (in order to keep the mine dry). During
drilling of the boreholes a slight flow of groundwater was
observed at the interface of the mine overburden waste fill
and the sedimentary bedrock. In one of the boreholes a
stronger flow was also observed from the interface of a coal
layer in the bedrock.

The laboratory tests indicated the tested clays from the mine
overburden waste material ranged from low to medium
plasticity and had a slight to moderate tendency to disperse
when immersed in water. The tested natural clays from the
undisturbed areas (at the time of investigation) were of
medium to high plasticity with a slight tendency to disperse
when immersed in water.

Permeability tests were undertaken on both samples of mine
waste overburden materials and samples of the natural clays
from areas that were to be mined. The samples were
recompacted to 98% Standard Maximum Dry Density prior to
testing. The permeability of the tested samples ranged from
7.0x 10" m/sec to 7.6 x 10® m/sec indicating 2 low to
medium level of permeability. It should be noted that the
permeability tests were undertaken on test samples with
particle sizes less than 19 mm. The grading tests identified a
high gravel percentage in the samples prior to sorting,
therefore an increase in the field permeability of the material
would be expected. Field permeability tests in trial pads of
compacted material would be necessary to gain a more
representative design permeability.

2.5 ANALYSIS
2.5.1 Settlement

Based on the proposed concept plan and the results of the
preliminary geotechnical investigation, the majority of the
proposed landfill would generally be founded on mine waste
overburden which was variable in particle size, compaction
and appeared to have been placed in an uncontrolled manner;
a small portion of the landfill would however be founded on
bedrock. As stated previously the depth of overburden
material to be removed to construct the landfill would range
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from approximately 5 m to 28 m. Some of this materig| hag

been placed over 25 years prior to the investigation ag
therefore was considered to have provided a surcharge effegy
on the mine overburden waste material that would Temay

beneath the landfill (note depth of remaining material rangeg ‘

from 0 m - ie landfill founded on bedrock - to approximately
45 m).

EPA guidelines indicate waste compaction goals in the range

of 0.65 tonnes/m’ to 0.85 tonnes/m’ depending on the receiyy|
rates per annum. Thom and Pym" indicate a density range of
0.3 tonnes/m® for green waste and up to 1.3 tonnes/m? for
demolition rubble. Using these values and with the results of
the preliminary geotechnical investigation in mind, the
settlement analysis at the proposed landfill adopted ,
conservative value of 1.1 tonnes/m> for the landfill Waste
material, and 1.9 tonnes/m® for the mine overburden waste
material. Generally Elastic Modulus ‘E’ values for the soj]
profile adopted a value of 2N where ‘N’ equalled the SPT
value; however consideration was also given to the potential
for voids between overlapping cobbles and boulders within
the mine overburden.

Estimates of settlement were dependent on the quality and
thickness of overburden underlying the landfill. As the
composition of the mine overburden waste material was
predominantly dry sands, gravels and cobbles, the anticipated
settlements would occur predominantly instantaneously.
Minimal long term consolidation was expected due to a
reduction in pore water pressures in clayey soils.

Worst case settlement values (ie large values) were recorded
in proposed landfill areas where minimal overburden was
removed and the depth of overburden remaining was great.
Conversely best settlement values (ie minimal values) were
calculated where the depth to bedrock was minimal.
Settlements ranged from 0 mm to approximately 660 mm
with typical settlements in the order of 300 mm. It was noted
that these settlement values were expected to occur over
relatively localised areas and not over the entire landfill base.

Differential settlements were also considered in the transition
zone where the foundation of the landfill changed from
bedrock to the mine overburden waste material. The
magnitude of possible worst case differential settlements was
analysed to be in the order of approximately 660 mm. It is
unlikely that such sharp changes in settlement would occur;
rather it was expected settlements would occur in the form of
the traditional bowl shape, extending over distances greater
than 5 m.

L i T
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i culated settlement values based on the results of the
nary geotechnical investigation were used in the
design of the proposed landfill leachate barrier
The barrier system had to be able to accommodate the
v induced by settlement and differential settlement of the

rburden waste remaining underneath the proposed

to reach a value that could cause risk to the
of the liner, large settlements over short distances
otholes) would be required. Based on the results of
iminary investigation, the risk of pothole formations
collapse of voids in the mine overburden waste
were minimal.

lations indicated strains of up to approximately 4%
ossible if the landfill was founded on the mine
den waste material, in its present condition. These
ould be reduced if the subgrade was improved by say
proof rolling or by placement of geogrid forming a
g” layer.

al compacted clay materials cannot withstand tensil
resulting from settlement/differential settlement
than 0.85% without distress such as cracking
. The ability for a CCL to bridge a pothole/void
say boulders in the mine overburden waste was
able given clay has a relatively low tensile strength;
ncorporation of a geogrid or similar would assist in
pothole/voids formed from settlement of the mine
en waste. (

ively a composite liner system comprising a HDPE
mbrane overlying a GCL would be able to
mmodate 10 to 15% strain with negligible increase in
ility. Should settlement of the mine overburden waste
induce a strain greater than 10 to 15% in the
etics, an increase in the permeability of the liner
uld be expected.

&
9

‘Mine subsidence

¢ Subsidence Board guidelines indicate that where
und mine workings are greater than 20 m below the
evel, the risk of pot hole subsidence at that surface

OW and the area would not be considered to be at risk
le subsidence.

* Proposed landfill site in the Hunter Valley, NSW, no
Und mining had occurred beneath the site, therefore
# N0 immediate risk of mine subsidence and/or pot
the landfill structure. Furthermore it was understood
Soth the Colliery and the Department of Mineral
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Resources considered that the extraction of coal seams known
to be beneath the proposed landfill site was not presently, nor
considered in the future to be economically feasible (thin coal
seams, poor quality and high stripping ratio).

2.5.3 Slope Stability

A computer aided slope stability analysis of the proposed 1
vertical to 3 horizontal construction slopes was carried out
using soil parameters derived from the subsurface preliminary
investigations, seismic loads (adopted from the Australian
Standard AS 1170.4 (1993) Minimum Design Loads on
Structures Part 4: Earthquake Loads) and a range of
groundwater levels (to accommodate the change in
groundwater levels following the completion of mining
operations and the decommissioning of groundwater pumps).

The slope stability analysis of the subsurface soil and rock
profile forming the sidewalls of the landfill, indicated that for
ground water levels below or up to the proposed base of the
landfill, and with seismic loads applied, the minimum factors
of safety for various landfill cross sections were greater than
1.5.

Therefore it would appear that the proposed construction
slopes of 1 vertical to 3 horizontal would be adequate to
provide stability of the landfill at all stages provided
appropriate construction sequencing and earthworks standards
are adhered to and landfilling occurred from the toe of the
slope upwards.

2.6 CONCEPT PLAN BASED ON INVESTIGATION
RESULTS/ANALYSIS

2.6.1 Landfill liner and Leachate Collection System

Following excavation to the base of the proposed landfill, the
concept plan of the proposed liner system to be constructed
directly over the remaining mine overburden waste material
comprised the following layers (reference to the attached
Figure 2.1):

2.6.1.1 Compacted base

The purpose of the compacted base layer was to provide a
uniform base and working platform for construction of the
landfill liner. The base layer would also provide an additional
but limited bridging mechanism over the remaining mine
overburden waste material. The base layer was designed to
have a minimum thickness of 0.8 m (4 Ilifts at 200 mm
compacted layers). The sub-base layer was designed to be
compacted to a minimum density of 98% relative to SMDD
and to within £ 2% of OMC.
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Mine overburden waste materials were expected to be suitable
after sorting/sieving for use in construction of the compacted
base layer under the composite liner, whilst also providing
some attenuation to leachate. This material would also be able
to be used for the daily landfill cover.

Due to the high quantity of cobbles and boulders encountered
in the preliminary investigation test pits and boreholes,
supervision by an experienced earthworks contractor or a
geotechnical engineer during excavation was recommended in
order to provide visual identification of materials likely to be
most suitable for use in the landfill construction/operation.

Materials in the compacted base layer were to have a
maximum particle size of 75 mm. The material used in the top
layer of the base, directly under the geosynthetic composite
layer, had to be free from objects that could damage the liner,
such as stones and rocks. ‘

2.6.1.2 Liner

Mine overburden waste materials and natural clays sampled
from the site were tested and assessed for suitability in
meeting the clay liner specification. The materials selected for
laboratory testing were considered to be representative of the
more clayey materials encountered at investigation locations
in terms of having potential to meet the specification for a
clay liner (such as EPA requirement of a permeability less
than 1 x 10° m/sec).

The laboratory test results indicated that the mine waste
materials had a slight to moderate potential for dispersion and
a low to medium level of permeability. However as stated
previously to carry out the laboratory permeability testing, all
material greater than 19 mm diameter were removed from the
samples. Therefore, unless acceptable in situ permeability test
results were recorded, on site sorting, sieving, screening and
removal of gravel, cobble and boulder inclusions from the
mine overburden waste material would be required prior to it
being considered for use as a CCL.

The natural clays generally had a lower tendency to disperse,
had lower permeability values and had negligible gravel
content compared to the mine overburden waste material. The
preliminary geotechnical investigation encountered an
average in situ clay layer thickness of 0.9 m underlying the
areas that were undisturbed at the time of investigation. Based
on this thickness, the estimated volume of clay deposits was
sufficient for the construction of a CCL for the proposed
landfill. However it was noted that the preliminary
investigation test locations covered only a small section of the
undisturbed areas (due to access availability) and encountered
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a clay subsurface profile that varied in thickness from 0.2
to 1.8 m. To determine the actual available volume of clay,
further investigation of the entire undisturbed areas was
required prior to considering sourcing the on site clay
deposits. It is noted that changes to the mining operations
were also required to allow selective sourcing of clay deposits
and stockpiling until required for the construction of the
landfill.

As stated previously, when strain levels in a CCL (resulting
from settlement of the underling materials) exceed 0.8 to 1.0
per cent, cracking and an associated increased permeability
would occur. Based on the results of the preliminary
geotechnical investigation, the calculations indicated strains
of up to 4 per cent were possible. A CCL was therefore
determined to be not feasible due to the potential increase in
permeability, and also due to the difficulties associated with
changing the method of mining to allow sourcing of the clay.

As an alternative to the clay liner a decision to adopt a HDPE
geomembrane overlying a GCL was made. The GCL and
HDPE components of the liner system were able to
accommodate 10 to 15% strains with negligible increase in
permeability. The GCL and the HDPE layers work as a
composite liner system in providing a low permeability
barrier system against leachate migration from the landfill. A
flexible 1.5mm thick HDPE with a permeability of
8.1 x 10 m/sec was selected. The selected GCL would
comprise sodium bentonite sandwiched between 2 layers of
non-woven polypropylene geotextile that had a permeability
of 3x 10" m/sec. The overall in situ co-efficient of
permeability was less than 1 x 10® m/sec as specified for a
clay liner by the EPA.

2.6.1.3 Protective Geotextile Layer

A geotextile was provided over the HDPE to protect it from
puncture from the overlying gravel drainage layer. The
geotextile was sized based on the type of gravel proposed for
use and the thickness of the drainage/operations layer. If the
gravel was relatively angular, or large, a heavier geotextile
was required. For smaller, rounded gravel, a lighter grade
geotextile could have been considered. The protective
geotextile layer had to be of sufficient strength to
accommodate the operations of the landfill earth moving
equipment. It was noted that considerable care was to be
taken during construction not to damage the HDPE when
placing the gravel drainage layer over the geotextile.
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4 Leachate Collection

lying the protective geotextile layer was a leachate
age layer comprising a2 300 mm minimum thickness
of drainage gravel (typically 20 mm rounded gravel).

vel drainage layer provided a path for leachate
ection and drainage, with the aim of reducing leachate
. on the liner, while providing a protective operations
petween the waste and the liner system.

"%e lowest point of each cell of the landfill a Leachate
ction Sump was to be constructed by forming a local
ession in the liner system and filling the depression with
¢l. Leachate would be pumped from the sump via a

bﬂ( of HDPE pipes to a Leachate Transfer Pumping
on.

waste compactor and associated equipment were
mmended to be kept well away from the geosynthetic
. The compactors were not to operate directly on the
nage layer, but on a layer of select waste placed above
in front of the compactor’s operation. The first lift of
e had to be free of large or long objects that could be
rced through the drainage layer into the barrier system.

6.1.5 Lining the 1 Vertical to 3 Horizontal Landfill Side
Slopes

)n the 1 vertical to 3 horizontal side slopes, the same liner
em as proposed for the base was recommended except
the smooth HDPE geomembrane was replaced with
xtured geomembrane. The textured surface of the HDPE
membrane provided increased friction against the
underlying GCL and overlying geotextile. The need for
ured geomembrane depends on the length of slope and
dfill operations.

The GCL selected had sufficient internal shear strength to
vent side slope failure in the plane of the geosynthetics
ough the bentonite). The shear strength for the GCL in the
barrier depended on the construction sequencing and filling
tions in the cell. If the leachate drainage layer was
ced over a long length of the 1 in 3 side slope above the
dfill base, large shear forces would occur within the lining
tem, with the critical slip plane occurring within the
tonite of the GCL. If the drainage layer was placed up the
Pe progressively as the waste progressively filled up the
- the shear forces would be less and therefore the
ired internal shear strength of the GCL would not be as
cal. Calculations indicate that the leachate drainage layer
not to be placed more than 10 to 15 m up the slope ahead
- the waste filling. Placing the layer higher put the
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geosynthetics at risk of tearing from the weight of the gravel
plus dynamic load of the equipment placing it. It was
recommended that the leachate gravel drainage layer be
placed by construction equipment from the layer of waste;
that is no construction equipment was to traffic on the liner.

The side wall liner typically extended past the toe of the
batter onto the landfill floor for at least 3 m. To hold the liner
on the side walls of the landfill, the liner was extend over the
crest of the batter for a short distance, and terminated in a
vertical “anchor trench”. Anchor trenches are typically
excavated with a backhoe; therefore the liner was to be
draped into the trench which was to be then backfilled with
the excavated soil. The backfill would be compacted in layers
as the backfilling proceeds.

2.6.2 Landfill Cell Capping

For the proposed Hunter Valley landfill, the concept plan
made reference to the EPA Solid Waste Landfill guidelines
for future site capping. The recommendations for the
proposed landfill were as follows (from bottom of capping
system to top):

2.6.2.1 Seal Bearing Surface

An intermediate cover layer which provided the subgrade for
the capping system and produced the finished profile for the
final landform. This layer was essentially the daily cover
layer, thickened to 500 or 600 mm thick to minimise exposure
of waste during the extended period between finishing of
landfilling in an area and placing the capping system. This
layer provided the bearing surface for the next layer.

2.6.2.2 Gas Drainage Layer

A gas collection/relief layer made up of 300 mm of coarse
sand with a minimum permeability of 1 x 10* m/sec as
specified by the EPA. This layer would minimise the potential
for uncontrolled gas emissions through the cap should a gas
management system be installed.

2.6.2.3 Sealing Layer

From the preliminary geotechnical investigation, it was
determined that there was likely to be insufficient quantities
of readily available clay materials on site to construct a
500 mm CCL with the hydraulic conductivity required by the
NSW EPA guidelines (permeability of less than 10" m/sec).

Therefore a geosynthetic layer was adopted instead of the
500 mm thick clay sealing layer. Either a polyethylene
geomembranes or GCL, or both in combination producing a
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composite liner was to be adopted. The GCL had to be
suitable for the slopes to which the final landform would be
constructed.

2.6.2.4 Infiltration Drainage Layer

A 300mm thick layer of coarse sand or medium gravel
(20 mm rounded) was recommended for the capping drainage
layer, possessing a minimum hydraulic conductivity of
1 x 10™* m/sec in accordance with EPA guidelines.

2.6.2.4 Revegetation Layer

A minimum 1000 mm thick vegetation layer. It was
recommended that the vegetation chosen had to have a root
system would not penetrate the sealing layer.

3s ALTERNATIVE

BENCHMARK
TECHNIQUES '

The EPA benchmark techniques are sensitive to the location
of the landfill site and the type and quantity of waste received.
These benchmark techniques are used as reference points
only, and alternative design techniques are feasible, provided
that justification is made available. Depending upon the
individual circumstances, variation to the benchmark
techniques may provide economic and environmental
benefits, providing  the appropriate
assessment/site investigation and analysis are undertaken.

preliminary

To demonstrate the assessment process, brief examples of
four alternative techniques which have been adopted, or are
proposed to be implemented, at Pacific Waste Management’s
Elizabeth Drive Landfill are presented. Assessments of
alternative cover material, leachate drainage media, leachate
collection pipe spacing and soil liner material have been
undertaken. Elizabeth Drive is a state of the art Class 2 solid
waste landfill situated in Sydney’s west. It has been excavated
within shale and laminite bedrock and is lined with a CCL.

3.1 ASSESSMENT OF ALTERNATIVE
LEACHATE DRAINAGE MATERIAL

An assessment was undertaken on a sample of blast furnace
slag (BFS) material proposed to be used as an alternative
leachate drainage material at Elizabeth Drive Landfill. The
landfill previously used rounded river gravel for leachate
drainage requirements.

The purpose of the assessment was to make comments on the
suitability of the material with regards to its physical
characteristics for its intended use as a leachate drainage
material.
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To meet the EPA Guidelines for Solid Waste Landfills
(January 1996), the drainage material should exhibit a
coefficient of permeability k>1 x 10° m/s and ideally should
be:

e rounded;

e  of grain size greater than 20 mm;

e smooth surfaced;

e non-reactive in mildly acidic conditions;

e relatively uniform in grain size; and

e free of carbonates that could form encrustations around
the collector pipes.

It was considered that by undertaking an assessment of the
material characteristics (approximate permeability, laboratory
calcium carbonate testing, TCLP testing and organic content)
an indication of the suitability of the material to meet the
objectives of the EPA drainage material requirements could
be made.

3.1.1 Permeability

Hazen’s formula was used to provide an approximation of the
materials coefficient of hydraulic conductivity. Due to the
relatively large particle size of the material is was determined
that laboratory permeability testing would not be
representative. The grading results for the BFS material
indicated that the sieve size through which 10% of the
material passed was approximately 2.5 cm. This equated to a
k value of approximately 6 m/sec, indicating compliance with
the guideline requirements.

3.1.2 Physical Characteristics

The particle size of the BFS was generally larger that 20 mm
(<5% passing the 19m sieve). Material was generally
subrounded due to the nature in which the material was
produced. Although the particles were not rounded, it was not
anticipated that this would cause any detrimental impact on
the performance of the slag when acting as a leachate
drainage material due to the relatively low proportion of fines
existing within the material.

3.1.3 Chemical Characteristics

When subjected to acidic conditions the material appeared to
be non-reactive with TCLP results indicating a reduction in
pH and no metals detected above inert levels.

Calcium carbonate laboratory test results (by weight) of
21.9% indicated a larger percentage present than currently
considered ‘ideal’ by the EPA Guidelines. However, recent
studies have been undertaken in the United States on the
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Research and
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dicate a relatively neutral pH. Results from the
Drive Landfill indicated that between 1995 and
els were generally between 6.62 and 7.97. These
consistent with the findings of the US studies
Is leachate results from a large number of

on the comments and recommendations from the
studies and past experience, it was determined that
m carbonate content measured within the slag
1d not pose a problem in its intended use as a
,  drainage the
istics of the leachate do not become substantially
This finding was in conflict with the Guideline
nt and therefore further discussion was entered into
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collection material providing

omments and Recommendations

ondence with the EPA indicated that providing it was
ed that no detrimental environmental effect would
use of the slag, the enterprise’s endeavour of
10 apply a beneficial re-use of a waste product within
e collection system would be fully supported. The
dncurred that the elevated levels of calcium carbonate
10t be detrimental to the system provided that the
4m remained non-putrescible and low pH wastes
uded. It was deemed essential that a rigorous
| be adopted to ensure the materials quality is

inary sampling and laboratory results indicated
Material was suitable for use as a leachate drainage
blast furnace slag was therefore adopted for use
leachate collection system. Significant cost savings
ed when compared with the previously used single
,.ded river gravel. A comprehensive periodical

conformance testing program was implemented to provide
evidence that the imported slag material continued to meet the
requirements and did not deviate from the tested specimen.

3.2 ASSESSMENT OF ALTERNATIVE DAILY
COVER MATERIAL

The purpose of the analysis was made of a material proposed
to be used as an alternative daily cover material to the clays
and weather shale currently in use at the Elizabeth Drive
Landfill. An assessment was made to characterise the material
within the Unified Soil Classification system. Additional
laboratory testing was also undertaken with respect to a range
of potential contaminants.

The NSW EPA Guidelines identify the objectives of daily
cover as being;:

e Limiting run-on and infiltration of water;

e  Controlling and minimising the risk of fire;

e  Minimising the emission of landfill gas;

e  Suppressing site odour;

e Reducing fly propagation and rodent attraction; and
e Decreasing litter generation

3.2.1 Proposed Material

The proposed cover material consisted of recycled demolition
waste. Originating at a number of sources, the material is
transported to the recycler’s yard and processed through a
crusher and screens. Through the screening process the
material is separated into two stockpiles — one of coarse
(approximately 70% of the waste), and one of fine. A ready
market is available for the coarse material, however the fine
material is not in great demand. It is this excess material that
was proposed for use as daily cover material

Two composite samples of the proposed material were taken
from a number of stockpiles. Particle size distribution tests,
including hydrometer analysis were carried out on each of the
two samples. Chemical laboratory tests were also undertaken
on a separate single composite sample and two subsequent
samples. The tests included total metals, PAH, TPH, BTEX,
OCP and TCLP.

3.2.2 Physical Properties

Based on the grading results obtained, the material may be
classified as SW — well graded gravelly sand with clay and
silt. The two gradings indicate that the manner in which the
material is crushed during processing generates a relatively
homogeneous material below the 4.75 mm sieve, varying only
in the proportion of crushed construction rubble in the gravel
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fraction. A visual assessment of the material identified the
composition as crushed concrete and brick fragments.

Again, through the application of Hazen’s formula, an
approximation of the coefficient of permeability was obtained
of between 4.0 x 10 cm/sec and 3.6 x 10 em/sec. These
results, when compared with those of cover material currently
in use (weathered shale and clay) indicate that there may be a
potential reduction in run-off and resulting marginal increase
in leachate generation through infiltration. However, due to
the relatively short period of time in which the daily cover
material is exposed to the elements, and the current practice
of compacting the daily cover, it was not deemed to be a
significant issue. Should areas of daily cover be exposed for
prolonged periods it was recommended that intermediate
cover consisting of the existing stockpile of residual clay be
used.

3.2.3 Chemical Properties

Chemical testing was undertaken to assess the potential of
introducing contaminants into the surface water collection
system from run-off across the proposed cover material. The
results indicated that concentrations of the selected analytes
within the three samples did not exceed the relevant NSW
EPA criteria for disposal as inert waste, and as such would
not pose a threat to the stormwater system.

It was noted that although the concentrations measured did
not exceed the EPA criteria, the concentrations of TPH
compound, metals, pesticides and PAHs were above
background levels. This indicated that the material had
potentially been sourced from a location where the previous
site activities had impacted on its characteristics.
Additionally, the presence of these levels indicated the
potential for higher concentrations to exist within the

material.
3.2.4 Comments and Recommendations

As the material is sourced from a number of locations prior to
being processed at the recycler’s facilities it is likely that the
existence of chemical compounds may vary between
individual loads. It was recommended that should large
quantities of the proposed material be delivered to site for use
as daily cover material, that a regular sampling and testing
program be implemented. In general the material was suitable
for use, providing the appropriate  precautions were
undertaken prior to its use.
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3.3 LEACHATE COLLECTION PIPES

The evaluation was undertaken to assess the performance ofa
proposed leachate drainage system comprising of a 300 mm
thick gravel drainage blanket over a CCL. The existing liner
was designed to slope towards the north at 3.5% and to the
west at 1%. Perforated HDPE leachate collector drainage
pipes within trenches run in the gravel drainage blanket layer
in an east/west orientation at 120 m centres and north/south at
50 m centres.

The proposed leachate collection system removed from the
existing design the north/south collection trenches and pipes.
A significant economic saving both in labour and materials
would result if the proposed system was adopted.

The current EPA Guideline Benchmark requires leachate pipe
separation to be a maximum of 50 m, to achieve a goal of no
more than 300 mm of leachate head on the barrier liner layer.

3.3.1 Model Preparation

To model the flow of leachate through the proposed
collection system, the Hydrologic Evaluation of Leachate
Performance (HELP) computer program, version 3.04 was
used.

A HELP program model is generated through the detailing of
the landfill’s geometry, leachate collection system and
material properties. Meteorological data is then input into the
program to model leachate flow quantities and resulting
leachate head.

3.3.1.1 Weather Data

For the purposes of this assessment, precipitation data of
50 years was obtained from a Bureau of Meteorology weather
station located near the landfill site. Additional climatic
information, including temperature, solar radiation and
evapotranspiration data was also obtained where available.

3.3.1.2 Landfill Geometry

The following assumptions were adopted for the surface
profile parameters of the landfill:

e The landfill will be covered with topsoil and 2 fair stand
of grass;

e No capping layers have been constructed;

e The covered surface of the landfill is graded to a slope of
1%

e The surface length over which run-off would travel is
120 m; and

e The fraction of area allowing run-off is 0%.

Y
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that the model parameters were adopted to

allowing maximum

worst—case’ scenario,
fall. Such a landfill profile would determine

imum output of leachate.

> landfill profile cases were chosen to be
the HELP model. All cases included a
finer of 1000 mm thickness, overlain by a
age blanket, waste layer and 500 mm cover
cases varied in waste thickness only. Waste
m, 20 m and 58 m were adopted for proposed
rage and maximum thickness
Cases 1,2 and 3.

waste

e Flow Path

ine the collection drainage blanket, the maximum
e would need to travel before reaching a
and drain, would be 130 m. This is based on
th/south and 1% east/west grade, and a 120 m
running east/west.

of the results is included below:

Leachate Maximum Leachate Head
(mm)

187

145

117

indicate that the proposed leachate drainage
imit the maximum head on the CCL to a
approximately 187 mm, which is below the
e goal requirement of 300 mm.

© noted that the head of leachate on the liner
ith increasing waste thickness. This is due to a
0 of the precipitation infiltrating through the
Ing suspended/absorbed within the waste layer.

.

fded leachate quantities generated at the landfill
Ximately 1095 m*/year is produced and
k into the waste mass. The volumes estimated
models are significantly greater, as expected,
*onservative nature of the parameters adopted.

-

and Recommendations

' Of the results obtained, it appeared that the
14t drainage system was feasible and would
803l of less than 300 mm leachate head on the
. Based on these results it was suggested that
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in the circumstances at Elizabeth Drive, the north/south
leachate drains at 50 m centres were not warranted.

A case is currently being put forward to the EPA to amend the
current Jandfill design and implement the proposed system.

3.4 EFFECTS OF INCREASED GRAVEL CONTENT
ON CLAY LINER PERMEABILITY

An assessment was undertaken on two types of gravelly clay
material to assess its suitability in meeting the EPA
benchmark techniques.

The EPA requires that the leachate barrier system be designed
to contain leachate over the period of time that the waste
poses a potential threat to the environment and should be
designed and installed in accordance with an approved
construction quality assurance program. Should a
recompacted or modified soil liner be adopted, the guidelines
identify a suitable liner material as having a compacted
thickness of at least 900 mm and an insitu coefficient of
permeability of less than 10 m/s.

Currently at Elizabeth Drive Landfill a recompacted soil liner
is installed to a thickness of 1000 mm, with the coefficient of
permeability exceeding the EPA requirements. This material
has been previously validated through extensive laboratory
testing, including triaxial cell permeability testing. The
construction specification adopted to date for the installation
of this material limits the gravel content to 10%. This upper
limit was implemented as it is generally difficult to simulate
the effects of macro defects, such as potential effects of
gravel, on permeability within the limits of laboratory testing
techniques.

3.4.1 Proposed Material

Large stockpiles of clay with gravel contents ranging between
10 and 30% have resulted from the selective stockpiling of
material on the site during the cell excavation process. In
order to validate the suitability of this material for use as a
liner material, two representative sources of material were
selected. Gravel contents for each material selected were 15%
(Area A) and 25% (Area B).

3.4.2 Test Method

In order to accurately measure the performance of the
proposed clay liner, the use of insitu Sealed Double Ring
Infiltrometers (SDRI) was adopted. One testpad for each
material selected was constructed under quality assurance
procedures and conditions currently used for all clay liner
installation at the site. The pads were placed to a compacted
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thickness of 1000 mm at a location adjacent to the active
landfill cell. The pads were constructed over a subgrade of
compacted blast furnace slag covered with geotextile.

One SDRI apparatus was installed within each of the two
testpads. Each SDRI apparatus consisted of a 1.5 m diameter
internal and 2.5 m diameter external ring. The rings were
sealed into each pad using a mix of bentonite and concrete.
Clay and sand was placed around the outer circumference of
the external ring to minimise potential desiccation.

The inner rings were fitted with an external valve and flexible
bladder at a height of 500 mm to allow measurement of the
water displaced within the inner ring. The Area A rings (inner
and outer) were filled with water to a height of 600 mm. The
Area B rings were filled to a height of 1000 mm. Throughout
the test the head of water within the outer rings was
maintained at 600 mm and 1000 mm respectively by filling
from an external source.

To minimise the potential influence of evaporation and direct
rainfall, both sets of rings were covered with 15 mm plywood
and covered with tarpaulins. To allow estimation of the
potential effect of evaporation, a ‘44’ gallon drum was filled
to a height of 800 mm and placed beneath the covers of one
of the tanks.

Falling head permeability laboratory tests were undertaken in
2 litre moulds to provide a comparison with field testing.

3.4.3 Measurement

To estimate the seepage water into the testpads within the
internal ring, weighing of the flexible bladder was
undertaken. The valve was sealed and the bag weight
determined using electronic scales. The bag was then refilled
and reconnected to the valve. Measurement was undertaken
initially on a daily basis to ensure that sufficient quantity of
water was available within the flexible bladder should high
flowrates eventuate. Based on these initial results, it was
deemed sufficient to undertake readings every three to four
days apart. The tests have been undertaken for approximately
5 months.

It is expected to decommission both infiltrometers once the
tests have run for a period of 6 months. This will enable a
measurement of the actual wetting {ront to be undertaken and
an accurate indication of permeability made. Ideally the test
would run until failure of the apparatus or penetration of the
entire liner thickness, however the material requires
validation to be used in the current cell construction works.

=36-

3.4.4 Draft Results

Laboratory results undertaken on the clay samples have
indicated that both materials performed above the EPA
benchmark requirements with results in the order of
1x 10" m/s.

Preliminary calculations based on the field results have shown
that although the material initially appears to have a
marginally higher permeability than recommended, once the
initial uptake has occurred, and the wetting front has been
established, the seepage reduces. This point occurs after
approximately 60 days of measurement for Area A, with no
appreciable change for Area B. The coefficient of
permeability for Area A appears to stabilise at approximately
1 x 10° m/s. The Area B material has a marginally higher
permeability coefficient of approximately 5 x 10 m/s.

Some reduction in total seepage may need to be made to
compensate for evaporation in determination of the final
results, although draft results indicate that this may be
relatively insignificant.

3.4.5 Discussion

Actual permeability of the material will not be able to be
calculated until an accurate measurement of the wetting front
is made during the decommissioning phase. However, the
results obtained to date indicate that the material used within
Area A is generally suitable for use a liner material according
to EPA requirements. Area B, with a greater gravel content,
appears to have a permeability coefficient marginally above
the EPA requirement. As a result it would generally be
recommended that the current specification gravel
specification limitation be increased from 10% to 20%.

Providing selective sourcing of material and gradings are
undertaken, it would be possible to make use of large portions
of the stockpiles material for liner construction. Material not
meeting the specification requirements should be used for
daily cover requirements. An appropriate conformance testing
program would need to be implemented to ensure gravel
content did not exceed the limits set.

4. DISCUSSION

The purpose of geotcchnical investigations, at proposed Of
current landfill sites, is to assist in the development of
landfills in accordance with the NSW EPA Solid Waste
Landfill Guidelines. Through interpretation and analysis of
the geotechnical investigation results, assessment of the
potential to adopt alternative benchmark techniques can be
made. Provided that appropriate investigations and analysis
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rtaken, cost effective and environmentally sound [
< to landfill design problems can be developed.
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Leachate Collection Layer

Figure 2.1 Concept Plan for Proposed Landfill
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Geotechnical Considerations in Well Casing Design

Eloise Browne-Cooper, Advanced Geomechanics, 4 Leura Street, Nedlands Western Australia, 6009

Offshore well casing must be designed to be not only structurally, but also geotechnically stable in accordance with
other similar standards. Understanding the interaction of well components with the surrounding sediments is imperative, as
ese sediments that provide the resistance to applied vertical, lateral and torsional loading during both installation and
on of the well. At each stage of construction, from the placing of the temporary guide base to the completion of the well, the
ing sediments need to resist the loads applied by the self weight of each well component and possible live loadings caused
gging of any exposed well components or flow lines. The stages of component installation and, most importantly, the
hnical properties of the surrounding sediments must be fully understood before any loading can be considered.

been found that the well and flow line layout also has a significant effect on the governing load combination and careful
ideration must be given to possible snag load locations. This paper will outline the different types of geotechnical analyses that
be undertaken for the verification of offshore wells.

_j [RODUCTION vessel after each component is installed).

0re well casing is usually completely designed before it A typical well casing installation sequence is outlined (typical
ecked for geotechnical stability. Significant changes in casing and drill hole dimensions have been used):
design after this stage would be expensive, so

hnical stability issues are usually overcome by . = »
ding the existing structure (ie. increasing the initial Drill 36" Internal Diameter (ID) hole to a depth of 48 m.

v casing length or adding more high torque 3. Insert 4§ m long 30" Outer Diameter (OD) casing and

nnectors). suspend it from TQB.‘

4. Grout 30" OD casing in the 36" ID hole.

5. Drill a 17%" ID hole through the 30" OD casing to 470 m
below mudline.

6. Insert 468 m long 13%;" OD casing.

7. Grout 13%," OD casing in 17%" ID hole.

8

9

1. Place temporary guide base (TGB).

ollowing geotechnical verifications should be conducted
e the well casing design is finalised, and are outlined in

Temporary guide base (T GB) stability Mount blow-out preventer (BOP).

' Open hole stability . Drill a 12%" ID hole through the 13%;" OD casing to an

- Lateral capacity approximate depth below mudline of 2500 m.

' Bending induced cracking 10. Insert 2500 m long 9%" OD casing.

' Axial capacity 11. Grout 9°/s" OD casing in 12%" ID hole.

B iorsiona) ity 12. Drill a 8%" ID hole through the 9%/5" OD casing to an

' Effects of drilling mud approximate depth below mudline of 3400 m.

13. Insert approximately 900m long 7" OD liner into
TEeSErvoir. :

¢ :
ypes of analyses are also relevant for drilled and 14, Complets the wellliead.

: I;tfed piles, which are often constructed using well casing
offshore scenari .
s The geotechnical design of well casing is principally

WE concerned with stages 1 to 7 listed above. A typical
LL CASING INSTALLATION SEQUENCE installation sequence showing installation stages 1 to 7 is

™. . . resented on Figure 1.
Casing installation consists of several key stages. At P N

h Stage, the well components must be supported by the
ounding sediments though the mudmat (or TGB) or the
SOUted casing (je. no support is provided by the installation

3 LOADING COMBINATIONS

The loads applied to the well casing change during

=139
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Installation Sequence

Stage 1:
Stage 2:
Stage 3:
Stage 4:
Stage 5:
Stage 6:
Stage 7:

Install TGB

Drill 36" ID hole

Run 30" OD casing
Cement 30" OD casing
Drill 17.5" ID hole

Run 13 3/8" OD casing
Grout 13 3/8™ OD casing

—

Figure 1: Well casing installation stages

installation and operation. At each stage of installation, the
well must support the self weight of its components. Once
installed, the well must support its self weight and any
possible snag loading.

The loads acting on the well casing are assumed to be static,
cyclic loading of the casing is not expected and thus only
static loading is usually analysed. '

3.1 Axial Loading
The axial loading on the well casing consists of the self

weight of the well casing components. During installation this
axial load changes, the most critical stages are:

(i) when the hole is initially drilled through the TGB
(Stage 2);

(ii) when the TGB supports the ungrouted first casing
(Stage 3);

(iii) when the grouted first casing supports the ungrouted
second casing (Stage 7); and

(iv) when the grouted second casing supports the rest of the

well casing string (Stage 10).
3.2 Snag Loading

Well casings must be designed to withstand an applied snag
load, to cover the scenario of a boat anchor or trawling net
catching on a well component and the load is often considered
to be in the range of 100-200 kN. Snag loading is assumed to
be applied as a temporary horizontal load acting at any point
of the well-head structure and surrounding flow lines that can
be snagged. Usually the worst lateral and torsional loading
positions are checked.

- 40 -

3.2.1 Lateral loading

Snag loading of the well head or surrounding flow lines can
induce a lateral load and/or a moment acting at the well
casing head which must be resisted by the surrounding
sediments.

3.2.2  Torsional Loading

Snag loading applied to the well head or surrounding flow
lines can cause torsional loading on the well casing that must
be resisted by the surrounding sediments. The ability of the
flow lines to sustain a snag load needs to be considered. The
amount of torsion that can be transferred from the flow line to
the well casing depends on the ability of the flow line to
transfer torsional loading without yielding.

4 TEMPORARY GUIDE BASE

In well construction, the first sections of casing are suspended
from a temporary guide base (TGB). The TGB is usually in
the form of a mudmat with a central hole through which the
casing is installed. Only axial loads, in the form of the self
weight of the TGB and first casing, act on the TGB during
installation. Once the first casing is grouted, it supports all
further applied loads.

The TGB settlement should be calculated for both touchdown
and the stage where the first casing is hung from it (Stage 3).
The stability of the TGB sitting over the open drill hole
(Stage 2) should also be calculated.
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hnical Parameters for TGB Settlement and

' ate the TGB settlement and stability with any degree

the strength profile of the soil over the top 5 m
e ’established. The following soil parameters are
for axial load and settlement analysis and TGB

e unit weight.

ined shear strength (cohesive soils), or earth
e coefficient at rest and interface friction angle
) (for calculation of stability at Stage 2).

- Figure 2: Bearing failure of TGB

lity at Stage 2 - Unsupported hole collapse

first segment of casing is installed, the TGB is
an open hole. At this stage, an unsupported hole
apse due to the weight of the TGB, illustrated in
This is of particular importance in uncemented and
lless sediments or very soft cohesive sediments.

~ Figure 3: Unsupported hole collapse

ole is first drilled, the surrounding soil will
7 ‘lmdrained manner, pore water suctions are
Wlfhm the soil in response to changes in boundary
uch ag drilling a hole or applying an external
€Se pore suctions remain, the soil may remain
© Passage of time, these may dissipate and hole

] =

collapse may occur.

The risk of hole collapse can be minimised by ensuring the
time between drilling the hole and installing and grouting the
casing is kept to a minimum.

Drilling fluid smeared on the sides of the hole provides a seal
between the water and sediment. This assists the sediment by
forming suction pressures that remain stable by reducing the
pressure differential between the soil and the water in the
open hole. The extent of the support, provided by the drilling
fluid, is not considered to be reliable under the conditions
present in the near surface sediments.

4.4 Stability at Stage 3 - Ungrouted First Casing

After the first casing is installed (before grouting), the TGB
must support the casing self weight, and at this stage further
settlement of the TGB is anticipated. The empty annulus
between the casing and the hole is also susceptible to hole
collapse, with the sediments collapsing into the annulus. This
type of collapse is not serious as the grout pressures are
usually high enough to push the collapsed sediments back
into place, but it could lead to larger settlement of the TGB.

5 LATERAL CAPACITY OF A CASING

The capacity of the casing to resist lateral loads is dependent
on the lateral resistance provided by the near surface
sediments, shown schematically in Figure 4. The casing
resistance to the lateral loading typically affects only the top
20 diameters of casing, whereas the first casing string is
usually over 45 diameters long. This depends on the load size
and the lateral resistance provided by the sediment.

Figure 4: Lateral load on casing

5.1 Geotechnical Parameters for Lateral Analysis

The accuracy of the analysis depends on the definition of the
ultimate lateral soil resistance, p,, and the shape of the p-y
curves. The following soil parameters are required for lateral
analysis:
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e Effective unit weight.

e Undrained shear strength (cohesive soils), or earth
pressure coefficient at rest and interface friction angle
(sands).

e  Shear modulus.

e The strain corresponding to one half the maximum
principal stress difference in a laboratory compression
test.

5.2 Lateral Analysis

The ability of the well casing assembly to resist a horizontal
snag load can be analysed using a computer program such as
LPILE'. This program allows for differential rotation and
lateral displacement of the grouted casing along its length,
and includes appropriate modelling of the sediment behaviour
using lateral load/displacement (p-y) curves.

Casing Deflection (mm)
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Figure 5: Casing deflection under lateral loading

A typical casing-head deflection curve for well casing in a
low strength cohesive sediment is shown in Figure 5.

5.3 Grout cracking due to bending

Lateral loading can cause the grout between the casing and
the soil to crack due to tensile bending stresses. This can
adversely affect the shear transfer capacity of the casing
(axially and torsionally) over this section, resulting in a
reduced overall capacity of the casing. The cracking of the
grout is accounted for in axial and torsional analyses by
assuming the length over which the grout is cracked has zero
shear transfer capacity in axial and torsional analysis.

The depth to which grout cracking may occur due to bending,
caused by lateral loading of the casing, can be calculated by
determining the curvature at which the tensile cracking strain
exceeds the tensile cracking strain of the grout.

Figure 6 shows the distribution of moment down the casing
under an applied snag load and the maximum cracking
moment of the grout. The grout is assumed to be cracked over

Bending Moment
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2
= 30
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Figure 6: Distribution of moments down casing

a length derc. above which the moment in the casing exceeds
the cracking moment of the grout. This length of casing is
assumed to provide no torsional or axial resistance in their
respective analyses.

6 AXIAL CAPACITY OF A CASING
The casing/grout-soil interface must resist the applied axial

load by transferring the load from the casing to the soil,
shown schematically in Figure 7.

Figure 7: Axial loading on casing

6.1 Geotechnical Parameters for Axial Analysis

The geotechnical parameters required for axial analysis are:

e Undrained shear strength (cohesive soils), or coefficient
earth pressure at rest and interface friction angle (sands).

e  Peak shaft friction.

e  Small strain shear modulus.

42 -
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shear stress.
ent to residual shear stress.

eters define the axial response of the soil-casing
[11C

al Analysis

resistance to each axial loading stage can be
sing a non-linear, axial load t_ransfer program such
‘This program treats the casing as an elastic l?ar,
es that may vary along the length. Interaction
soil is characterised by discrete, non-linear springs
istributed at regular intervals along the embedded
of the casing. The t-z curve is a function that relates
shaft friction at the casing-soil interface to the
sing displacement, taking account of the previous
ment history. The shape of this curve strongly

on the geotechnical parameters input into the

Shear Stress in Casing (kPa)
50 100 - 150

1 1 ]

Idcrack

Available shear stress in
surrounding sediment

X\

Shear stress utilised under
axial loading

Figure 8: Shear Stress in casing

In the axial analysis for the well casing, the length d ., is
aSSUlllt’»d to provide no axial resistance. A shear stress
@sﬁbution under an applied axial load, and the available
Shearresistance provided by the soil, is presented in Figure 8.
As higher loads are applied to the casing, the utilised shear
Steess line moves closer to the available shear stress line until

?maximum load is reached where the available shear strength
of the soil is fully mobilised.

The maximum axial capacity of the casing should be high
tenough 0 incorporate the detrimental effects of grout
facking due to bending/torsion (Section 5.3) and the possible
®duction of axia] capacity due to the type of drilling mud

85¢d (Section 9).
lysis are: i

| CoefﬁCi;ﬂ, Sh
1 (sandsk A transfer keys or weld beads may be required to transfer
i € axial 1oag from the steel casing to the surrounding grout.
C transfer keys are required in the regions of the casing

63 Casing-Grout Shear Transfer

I
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where the shear stress distribution induced by the applied

axial load exceeds the shear transfer capacity of the steel-
grout bond.

7 TORSIONAL CAPACITY OF A CASING

The torsional response of the casing is analysed by
considering the remaining shaft friction available for
mobilisation after allowance is made for the shaft friction,
which has already been mobilised under axial loading, shown
schematically in Figure 9.

High torque
connector

=< Low torque
: connector

Figure 9: Torsional load on casing

The connectors used to join the lengths of casing can be
normal “low torque” connectors (not capable of transferring
significant torque) or “high torque” connectors (that are
capable of transferring torque to the next length of casing).
These high torque connectors are relatively expensive and it
is preferential to use the minimum number of connectors
possible in well design.

7.1 Geotechnical Parameters for Torsional Analysis

The following soil parameters are required for the torsional
analysis:

e  Undrained shear strength (cohesive soils), or coefficient
earth pressure at rest and interface friction angle (sands).
e Shear modulus.

7.2 Torsional Analysis

Torsion applied to the casing at the seabed is transmitted
down the casing, gradually decreasing with depth, as the
torsion is dissipated into the soil by circumferential shear
stresses resisting the casing motion. Any torsional transfer
capacity of the grout, surrounding the casing, is considered to
be minimal and is ignored in the torsional analysis.

The torsional resistance of the casing-soil interface can be
analysed using a non-linear torsional load transfer computer

. 2
program. The axial load transfer computer program RATZ®
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can also be used to analyse torsionally loaded piles by using
an equivalent set of torsional parameters in place of the
standard axial parameters (this approach has been validated
by the author of RATZ?).

Figure 10 shows the distribution of torque down a typical
casing in weak, cohesive sediment. The torsional transfer
capacity of a normal “low-torque” connector is shown, and in
this case, high torque connectors between casing segments are
required to a depth of about 20 diameters. Casing segments
are typically 9-12 m long, and under the applied load, the
casing would require 1-2 high torque connectors.

Distribution of Torque (kNm)

0 100 200 300 400
0 3 1 1 1 I 1

~ : dc k
% 10 i E Tacl
g
£ 207
% High torque connectors
£ 301 required over this depth
E .
ol |
g i
RN .
= ' “Capacity of ordinary
£ 60 - (low torque) conector
a

70 -

Figurel0: Distribution of torsion down pile

8§ THERMAL LOADING ON CASING DUE TO
GROUT SETTING

As the grout around the casing sets, the temperature in the
grout and the casing will rise. During this time, the steel
casing will expand. As the grout cools to the ambient
temperature, the casing will contract again. This expansion
and contraction of the steel casing is known as thermal
straining. These thermal strains can lock in residual stresses at
the casing-soil interface, which should be incorporated into
casing capacity analyses.

Thermal strain can be incorporated into the axial analysis as a
loading cycle that is applied before the static axial load (ie.
the dead weight of the next casing). Typical temperature
changes of approximately 35°C can be expected in the casing
due to grout setting.

9 EFFECTS OF DRILLING MUD

The type of drilling fluid (drilling mud) used in the creation
of the hole for the casing can affect the shaft friction on the
grout/soil interface. Drilling mud smears along the sides of
the hole wall during the course of drilling, and even flushing
the hole with water cannot guarantee removal of all mud.

Eide and Aas® suggest bentonite drilling mud can reduce the

effective shaft friction between a grout and sediment by up to
25%. This can be accounted for conservatively by decreasing
the peak axial capacity of the casing by 25% if bentonite
drilling mud is used in the well construction.

10 GROUT COVERAGE

The consistency of the grout is relatively liquid to assist with
workability. Excess grout is pumped into the annulus between
the soil and casing until grout return is observed at the top of
the casing. The effect of hole collapse around the casing may
inhibit some grout coverage over the top section of the casing.
This section is usually assumed to have no load transfer
capacity due to cracking under lateral loading, and therefore
the extent of grout coverage over this section is not
considered critical.

11 CONCLUSION

Optimisation of well casing design is dependent on high
quality geotechnical information. The accuracy of all the
analyses outlined in this paper is directly linked to the quality
of the geotechnical data available. The most critical stages of
well casing stability are:

e The construction stages before the first conductor is
grouted; and

e  The application of snag loading.

Most of the load-bearing capacity is located in the first
grouted casing. Any subsequent grouted casing lengths do not
significantly add to the capacity of the well.
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» escape on the regional groundwater system.

10  INTRODUCTION

. New Zealand, as with most developed countries, is
* experiencing rapid change in the business of municipal
 solid waste disposal. In a climate of considerable
* pressure to minimise waste and develop non-—polluting
disposal methods and facilities, waste management and
disposal has become big business. Sites suitable for
~ landfills, and acceptable to the public. are scarce.
therefore any such sites are a valuable economic resource.

~ Disused quarries have a long history of use as landfills:
~ combining solid waste disposal with an operating quarry
is not so common but has obvious commercial benefits.

This paper presents some geological and geotechnical
features of a proposed municipal landfill site at an
operating quarry, 100km southeast of Auckland, New
Zealand.

It is proposed to fill the existing quarry pit with non-
hazardous municipal solid waste (approximately 800,000
tonnes of refuse) whilst quarrying continues.

The design of the landfill is based on best practice
standards currently accepted in New Zealand and
overseas as appropriate for municipal solid waste
disposal. :

Geotechnical Features of
Tirohia Quarry Landfill

TONY DAVIES
Worley Consultants Ltd.
Auckland, New Zealand

Summary

At Tirohia Quarry, seven kilometers south of Paeroa, New Zealand, andesite rock is quarried for commercial aggregate use.
" The quarry Owner proposes to construct a modern sanitary landfill at the site, filling the pit with 800,000 tonnes of municipal
se while quarrying continues. The main issues considered while investigating the suitability of converting the quarry to a
Jandfill included the effect of quarrying on the landfill liner (potential blasting/vibration effects), and the effect of leachate

2.0 SITE DESCRIPTION

Tirohia Quarry is situated on the north western end of a
prominant spur protruding into the Hauraki Plains from
the western side of the Coromandel-Kaimai Range
(Figure ). This spur has steep sides and a relief of
approximately 300m.

The geological map of the area indicates that
development of the spur most likely resulted from
movement on faults that bound the spur along its northern
and western margins.

Quarrying has resulted in the formation of a narrow
valley, opening to the north, that is bounded by (i) the
currently operating 70m high eastern highwall, (ii) a
stéep. benched slope at the head (southern end) of the
valley, (iii) a remnant ridge to the west. The remnant
ridge forms a barrier between the quarry and the terrace
flats and Hauraki Plains to the west.

The western slope of the ridge is moderately steep and is
covered by quarry waste (strippings) placed during the
early stages of quarrying. The toe of the slope merges
with the very gently sloping terrace flats, which in turn
merge westward with the Hauraki Plains.
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2.1 Geology

The quarry is situated in complex volcanic terrain of Late
Miocene and Pliocene age (i.e. 5 to 8 million years). The
Hauraki Plains to the west of the ranges are underlain by
Quaternary age, volcanic-derived fluvial sediments, peat,
and primary volcanic deposits (pyroclastic flows and
airfall ash) which infill the active Hauraki rift. The Waihi
Basin to the east of the site contains deposits of Pliocene
to early Pleistocene pyroclastics (e.g. ignimbrite) and
fluvial (river) and lacustrine (lake) sediments.

Brathwaite and Christie (1996) map the andesite lava
flows exposed at the quarry as Tirohia andesite, an
informal member of the Kapukapu Andesite formation of
mid-Miocene age (7 million years). Kapukapu Andesite
consists predominantly of tuff breccias, tuff and andesite
flows, estimated to be in the order of 800m in thickness.

The Tirohia andesite member is reported to be not
generally hydrothermally altered and is interpreted as
mostly intrusive, forming domes (Brathwaite and Christie
1996).

The Pleistocene age alluvial sediments underlying the
western terrace consist mainly of undifferentiated,
volcanic-derived sediments.

The western terrace and ridges surrounding the quarry
have a variable cover of weathered andesitic and rhyolitic
volcanic ash. The ash is thought to be an accumulation of
many separate eruptive events originating in the Taupo
Volcanic Zone.

2.2 Subsurface Conditions

The geology of the site is dominated by a considerable
thickness of jointed, andesite lava flow underlain by a
dome-shaped body of andesitic breccia that is also
interpreted to be of considerable thickness (Figure 2). An
upper breccia unit identified in drillholes overlies the
andesite lava flow to the east of the quarry. The upper
breccia is overlain by tuff breccia and, in places by thin
andesite flows.

The andesite lava is fresh to slightly weathered,
moderately strong, jointed rock. The andesite is the rock
quarried for construction aggregates. The andesite forms
a distinctive columnar jointing pattern as it cools from the
molten lava state. Jointing is pervasive and is the
rockmass property that to a large degree determines its
bulk permeability.

The joints in the andesite form two prominent sets:

¢ Sub-vertical set that forms near vertical columns up
to 20m long

e  Sub-horizontal set forming flat plates between the
sub-vertical joints.

At the southern end of the quarry, joint patterns are less
regular, with convoluted and radiating columns indicating
a possible sub aerial extrusion.

The breccia is a weak rock comprising andesite and
rhyolite fragments to one metre diameter set in a poorly
welded, coarse grained glassy matrix. Jointing is not
common although closely spaced fractures were observed
in zones up to 1m in thickness. The degree of welding in
the matrix is variable, ranging from weakly welded to
srongly welded.

Contact between the andesite lava and the underlying
breccia dome is marked by a zone of alteration in the
breccia between 1m and 4m in thickness. The zone is
interpreted to result from heating of the breccia on
contact with intruding lava. The zone is characterised by
an increased degree of welding and a resulting decrease in
permeability, compared to the unaltered breccia.

3.0 HYDROGEOLOGY
31 General Setting

Groundwater recharge and movement is controlled to a
significant extent by the spur. Regional surface and
groundwater flow is from the range westward to the
plains, the latter being a major groundwater discharge
zone characterised by swamps and peat growth. The
regional westward flow pattern is affected locally by
topographic features such as hills and valleys.
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vicinity of the landfill site shallow and moderately
vroundwater is likely to derive from rainfall on the
whlle water at greater depth may include a small
tribution from regional flow originating on the range.

ce drainage off the spur is mainly via entrenched,
sided, ephemeral streams that flow to the north and
around the quarry. The streams have steep
s and include waterfalls. Permanent flow in the
tina Stream is recorded only near the western side
quarry where it encounters the low land of the
> flats west of the remnant ridge. The flow in the
wly incised streams that rise on the terrace flats is
to be dominated by discharging groundwater.

Water Level Measurements

water level data indicate that groundwater level is
oximately 60m below the floor of the quarry and that
dwater flow direction is towards the northwest
ure 3). The water table nears ground surface along
toe of the western flank of the remnant ridge, i.e. in
e transition zone to the terrace flat. The shallowly
, ephemeral streams on the terrace also rise in that
 suggesting groundwater close to the surface.

2

data indicate that the streams that drain the high
nd east of the quarry are ephemeral. The stream
are essentially ‘perched’ above groundwater level
wch of their length.

33 Hydraulic Conductivity of Main Lithological
Units

The hydraulic conductivity of materials is an important
parameter in landfill liner and cover design as it defines
the rate at which fluid moves through the material.

The hydraulic conductivity (K) is dependent on the nature
of both the material and the fluid passing through it. A
high hydraulic conductivity (e.g. those of sand/gravel and
fractured rock) implies high flow rates while low values
(e.g. those of clay and solid rock) indicate low rates.

34 Breccia.

The landfill site is underlain in part by a dome-shaped
breccia layer in excess of 80m in thickness. The breccia
has a hydraulic conductivity that is assessed to be greater
(i.e. allows water to flow through it more easily) than the
surrounding andesite.

The breccia generally has few fractures (joints) but at
depth contains narrow fractured zones and sections where
the matrix is poorly welded. The measured laboratory
permeability of a section of drill core is 1.1 x 10° mv/s.

While drilling through the andesite (i.e. DHS) it was
observed that as drillholes were advanced, relatively static
drilling fluid levels were recorded.
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Landfill
Footprint
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™
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Figure 3. H?ﬁ;o-geology
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However, once the breccia was encountered, and the
upper altered crust of the breccia penetrated, drilling
fluids quickly drained and static levels did not occur again
until deep groundwater was encountered.  Shallow
piezometers installed to intersect groundwater above the
breccia remained dry after installation.

Falling head field tests in the unaltered breccia indicate a
hydraulic conductivity of 1 X 10° m/s. Testing in the
altered andesite/breccia contact zone indictae a much
lower hydraulic conductivity of 8 X 10® mys.

35 Andesite

The andesite is blocky with fractures (joints) both sub-
vertically and sub-horizontally.  The sub-horizontal
fractures appear to be tight and therefore are considered
to provide minimal permeability. Falling head field tests
in the andesite range from 2 x 10 to 8 x 10"° m/s.

3.6 Groundwater Flow

An understanding of groundwater flow direction assists in
assessing potential effects that may arise in the event of
seepage from the landfill site.

There are no groundwater users within 2km of the quarry
at present, although groundwater may be utilised at some
future time. Any leachate which seeps through the
landfill liner system will move with groundwater in a
north/north-westerly direction towards the installed
monitoring wells (Figure 3). The assessed seepage rate of
leachate is minimal and its effect on groundwater is
expected to be negligible.

Groundwater levels indicate a steep gradient between the
southern ridge and the base of the quarry (Figure 4). The
steepening of gradients appears to be associated with the
transition from the andesite to the breccia and in
particular, to the zone of alteration at the andesite/breccia
contact.

4.0 LINER AND COVER MATERIALS

The suitability of the near surface deposits of volcanic
ash and colluvium for liner and daily cover material was
investigated.

Testing indicated the colluvium was the most suitable
liner material. The measured laboratory permeability of
the colluvium is 10™° m/s using deionised water, and 10"
® m/s using leachate from a municipal landfill. This
compares to liner and final cover design permeability
requirements of not less than 10° m/s and 107 m/s
respectively. The permeability of the colluvium tested
using leachate, and the ash using water, do not meet 10°
m/s requirement and a supplementary synthetic HDPE
liner will be required.

Soil liner permeability is dependent on a number of
factors including leachate chemical composition, liner
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soil fabric and liner protection during landfill construction
and operation.

Leachate chemicals can affect permeability by solutioning
and precipitating soil minerals and by clay particle
flocculation, dispersion and swelling. Testing completed
for this assessment classified the colluvium as non-
dispersive. The chemical composition of the leachate was
not determined, however a published study (Qasim and
Chaing 1994) indicates that acids can cause dissolution of
kaolinite which is abundant in the colluvium (IGNS,
1997).

5.0 SLOPE STABILITY

The long-term security of the landfill requires that the
landfill site and surrounding slopes are stable. The
assessment of landfill slopes is based on an analytical
approach, which considers both static and seismic load
conditions.

5.1 Quarry Highwall

Between 20m and 40m of tuff breccia overlies andesite in
the quarry highwall. Existing vertical cut slopes up to
10m high show minor spall type failures. Spall debris is
contained on benches at the base of slopes and does not
present a significant hazard. The ongoing use of benches
is proposed to mitigate this type of instability.

The lower half of the quarry highwall comprises very
strong, jointed andesite rock. There are two main joint
sets. A vertical set of cooling joints includes joints that
are continuous (20m+), rough and some are iron
stained/infilled. Joint orientation is predominantly to the
south and west dipping at 70° - 80°. Horizontal joints dip
at 5°- 10° to the north and are open, tight, irregular,
continuous (5-10m), and spacing is 5 - 50 mm.

Assessment of the lower slope confirms that the most
likely instability in the andesite is toppling-type failure
with release along the vertical joints. Structural mapping
of the quarry face completed as part of this assessment
has identified some unstable blocks. Ongoing observation
will identify unstable blocks as the quarry operation
progresses. Potential instability of this type will be
mitigated by the removal of unstable blocks during the
initial construction phase of the landfill.

52 Quarry Remnant Ridge

Drilling in the quarry remnant ridge (west side)
encountered Sm of andesite spoil underlain by 35m of
very hard fractured andesite and rhyolite. The andesite is
underlain by breccia in excess of 70m in thickness.

Quarry overburden dumping on the west side of the ridge
has formed a wedge of debris between the ridge and the
base of the slope to the west. The debris comprises
boulders and gravel. The west slope showed no evidence
of instability and the likelihood of failure is considered
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. [n the unlikely event that instability did occur it
;ve no effect on the stability of the landfill.

. der of the ridge, including the east side,

5 o a . & . .
E— competent andesitic rock which will contain

ﬁ]l Instability in this material is not expected.

Quarry Floor

A quarry floor steps down from south to north in floors
imately 10m (vertical) apart and is underlain by
sfrong andesitic lava and welded breccia. These
orials represent competent bedrock. No existing or
ntial instability has been identified in the quarry

Earthquake Effects

The site is distinct from the main seismic region of New
aland in an area of relatively low seismicity. It is
uated on the western side of the Coromandel Volcanic
one (CVZ). There is no evidence of active faulting in
the CVZ that would have a significant effect on the site.
' mmediately to the west is the Hauraki Rift, which
‘extends from Whangarei, through the Hauraki Gulf and
‘the Hauraki depression into the Taupo Volcanic Zone
). The rift consists of a set of fault-angle
depressions.

‘The most significant known fault associated with the rift
' is the Kerepehi Fault, which is known to be active. The
fault is located some 5.5 km west of the site and has
several segments.

- The assessed average recurrence interval for movement
on the segment closest to the site is 2,500 years. It is
estimated that such a movement could generate
magnitude Mw 6.9 earthquakes (Figure 7).

Faults in the TVZ are not considered capable of
producing the level of ground shaking at the site that
could be produced by the Kerepehi Fault.

The maximum credible earthquake (MCE) level of
shaking has been based on a deterministic approach. The
MCE is defined as the earthquake that would cause the
most severe ground shaking capable of being produced at
the site. The MCE is associated with a magnitude Mw
6.9 earthquake on the Kerepehi Fault with a return period
of the order of 2,500 years. The duration of shaking
associated with the MCE is in the order of 20 seconds.

(west fd{ The assessed factors of safety against slope failure of the
by 35m & landfill front face for the 450 year and MCE events are
e andesite® 1.2 and 1.0 respectively.
mess. \

= The likelihood of landfill liner damage by differential
. of the 1'1 liner foundation displacement as a result of earthquake
idge and‘ﬂl* faulting is very low. The liner will be constructed on
s comptis® Competent rock and is therefore unlikely to sustain any
no eviden® damage as a result of earthquake shaking.
s conside®
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6.1 Blasting Effects

It is proposed to continue quarry activities while
operating the proposed Tirohia landfill. Quarry blasting
activities will be within 150m to 200m of the landfill
operation and will induce ground vibrations.

Vibrations induced by blasting are different to those
associated with earthquakes. The most significant
difference is the duration of shaking. The duration of
strong shaking associated with blasting vibrations is about
1 second and compares to the duration of strong shaking
associated with the site MCE of 20 to 30 seconds.
Consequently, the potential effects of blasting are
considerably less than those associated with earthquakes.

The assessment indicates critical peak particle velocities
of 83mm/s and 44mm/s for the quarry east and south
faces respectively and 55mm/s for the landfill front face.
All but one of the peak particle velocities actually
measured while blasting at the site were less than the
assessed critical peak velocity values. The exception was
for a blast measured at a distance of 50m. Future quarry
blasting is estimated to occur at a distance of 150m to
200m from the landfill and at this distance the peak
particle velocities are likely to be less than 20mm/s (i.e.
much less than the critical values).

The effect of blasting on the landfill liner is not expected
to be significant. The only mechanism by which the liner
could be damaged is if differential movements were
induced in the underlying rock mass. This is not expected
to occur since the liner will be constructed on competent
rock and is confined by the overlying landfill mass.

7.0 CONCLUSIONS

The existing quarry site is underlain by a sequence of
andesitic volcanic materials comprising breccia, tuff and
lava flows.

Groundwater flow is from the high ground of the spur to
the Hauraki Plains. In the vicinity of the quarry the
groundwater gradient increases from the low permeability
andesite lava to the higher permeability materials of the
lower part of the breccia dome.

Site colluvium and ash materials as tested do not satisfy
the maximum allowable permeability design requirement
for the landfill liner and a supplementary synthetic HDPE
liner will be required. Colluvium and ash materials tested
are of suitable quality and present in sufficient quantity to
satisfy the requirement for final cover and daily cover for
the proposed landfill.

Quarry and landfill slope stability under static and seismic
(earthquake and blasting) conditions is acceptable. The
integrity of the landfill liner is expected to be maintained
during seismic events.
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The geological, hydrogeological, geotechnical and
seismic investigations indicate that the Tirohia Quarry
site is suitable for the development and operation of the
proposed sanitary landfill.
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Uplift Capacity of Suction Caissons

Weimin Deng BE MIEAust CPEng
Centre for Geotechnical Research, The University of Sydney

mary: Prediction of the uplift capacity of suction caissons is a critical issue facing design engineers and rational methods are

d in order to produce reliable designs. Extensive theoretical investigations have been carried out of suction caissons
ed to vertical or inclined uplift loading for cases where the behaviour of the seabed soil is undrained, partially drained or
ed. A brief literature review on foundations subjected to combined loading is included. Different analytical design models are
sed. Simplified methods for the estimation of the uplift capacity are described, based on the results of the finite element
. The simplified methods are then validated by upper bound theoretical solutions and experiment results. The expressions
oped in this paper take into account the influence of the aspect ratio of the caisson, the point of application and angle of
tion of the loading, the undrained shear strength of the soil, the soil permeability and load rate.

INTRODUCTION approach (Taiebat, 1999) incorporated in the software package
. . AFENA (Carter et al., 1995). Simplified prediction methods
mpliant offshore structures, like mooring systems and were developed based on the finite element results. Predictions
jon leg platforms (TLPs), are usually subjected to of the ultimate capacity by the simplified methods have been
considerable uplift forces. These structures require compared to those obtained independently from upper bound
foundations that can anchor them to competent strata and it techniques (Randolph et al, 1998) and experimental
has been common in the past to use piles to provide such a measurements in 76 individual tests from 12 independent
foundation. = However, there are some construction studies. The solutions developed in this study are both for
- difficulties associated with the installation of the long piles quasi-horizontal and quasi-vertical loading. The developed
~ usually necessary, particularly in large depths of water and in expressions have also taken into account the influence of the
some soil type. Largely because of these difficulties a new aspect ratio of the caisson, the point of application and angle of
type of foundation, the suction caisson, has been developed inclination of the loading, the undrained shear strength of the
and used to provide uplift resistance, depending on the in situ soil, the soil permeability and the loading rate.
conditions. A suction caisson, open at the bottom and closed )
at the top, is designed to penetrate to the sea floor by its own T Chamitoeel, Sea floor
weight and sometimes by also creating an inside under- )
pressure relative to the outside water pressure. The latter is 2 LA EE gt
known as the active suction installation method. As soon as I . *

there is any tendency to pullout movement, the suction
caisson mobilises significant pullout capacity through the
development of negative pore water pressure inside the soil

Plug and at the bottom of the caisson. This is known as the s i
passive suction condition. The main advantages of suction Case 1 Case?2
caissons over tension piles are: the ease of installation of the Subsoil is drained Subsoil is
caissons with the active suction arrangement; the pmﬂmd“ undrained only

mobilization of passive suction forces at the caisson’s
bottom during uplift; and the possibility of placing additional

ballast on the large diameter sealed top to provide increased Figure 1 Study cases

pullout capacity. To date, the geometry of suction caissons

has tended to involve relatively low aspect ratios, with length 2 FOUNDATIONS SUBJECTED TO COMBINED
less than 3 times the diameter. LOADING

The main focus of this paper is on a) suction caissons The response of a foundation system subjected to combined
Subjected to vertical uplift loading for cases where the loading has been a topic of much interest to geotechnical
behaviour of the seabed soil is undrained, partially drained or researchers and practitioners, particularly over the last decade.
drained, ang b) suction caissons subjected to inclined uplift Research in this area has mainly involved investigation of
lading for cases where the behaviour of the seabed soil is bearing capacity problems. The bearing capacity failure locus
Undrained. The two cases are illustrated in Fig.1. The soil for rigid shallow foundations subjected to combined loading

has been derived on the basis of experimental results using
curve fitting. For example, Butterfield and Gottardi (1995)
investigated the behaviour of footings on sand under fully
The theoretical investigations described in this paper have firainefi or partially ) drained conditions. Manm (1?94)

N carried out using a 3-D semi-analytical finite element investigated the behaviour of a spudcan footing in undrained

tyP'?S assumed in this investigation are normally consolidated
©lightly over-consolidated cohesive soils.
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clay. In these cases, the footings either had a flat base or a
spudcan shape and no consideration was given to the
resistance to uplift loading. For these cases, it was found
that maximum moments and horizontal loads are sustained in
the presence of some vertical compressive load, i.e. typically
when V/V, = 0.4 to 0.5, where, V is the vertical component of
the ultimate load and V, is the ultimate load for cases of
purely vertical loading.

It is evident from many of the previous studies of combined
loading that a yield or failure locus relating the vertical (V),
moment (M) and horizontal (H) loads at the ultimate
condition can often be expressed in the form:

f[L M i)=o (1)

As, Ads,’ As,

where, A is the plan area of the foundation, d is the diameter
of the foundation, s, is the undrained shear strength of the
soil at the base of the foundation. It is usually assumed that
associated plasticity provides a reasonable description of
undrained failure in the soil, so that this yield surface also
describes a plastic potential defining the relative magnitudes
of the incremental deformation during elasto-plastic yielding.
To apply the normality relationships on the yield surface, the
load and displacement definitions must form work conjugate
pairs so that the normalised total system work, W, is written
as:

w (v& (M H & 10))
= — =+ — PO+

Ads, | As, |d | Ads, As, |d

where &, Sh and 60 are the incremental vertical and
horizontal caisson displacements and its rotation at failure.

These incremental displacements are measured at the same
point at which the loads are assumed to act.

In a study of multi-footing foundation systems, Murff (19%94)
suggested a general form of the failure locus, which included
some uplift capacity, given as:

f=1’(£)2 AH? +A2[[l) —[1+L}/+v,}=o ®
d v, V.

in which V, V., are the ultimate vertical compression and

tension capacities, /;, A; are constants and d is the footing
diameter. It was assumed that this is a form of associated
yield or failure surface. However, as indicated by Bransby
and Randolph (1997), the locus described by equation (3)
gives very poor agreement with numerical predictions of the
collapse loads for strip footings when M =0.

The response of a suction caisson (skirted foundation) to
combined vertical (V), moment (M) and horizontal (H)
loading has been studied for bearing problems by Bransby
and Randolph (1997) using a two-dimensional finite element
analysis. In this study, the caisson was considered as a long
strip footing and one value of the aspect ratio, L/d=0.167,
was investigated in detail. On the basis of the plane-strain
finite element predictions, they suggested a yield locus as:

25 A s
AT
1A H, M, ) 2\ M, | H,
However, in practice suction caissons are often circular ip
plan. To obtain a more precise understanding of the behavioyr
of a circular foundation under vertical, moment and horizonta]
loading, a three-dimensional analysis is required. Further, the
study by Bransby and Randolph (1997) produced a yield locus

for problems involving only bearing (compressive) loads. No
consideration of the resistance to uplift loading was included.

3  ANALYTICAL DESIGN MODELS
3.1 Bottom Resistance Failure

When a suction caisson is pulled out at a rapid rate and when
large deformation takes place, it may be completely pullout out
with the soil plug inside. In this case, the bottom resistance
(passive suction) and whatever tensile strength of the clay may
have are fully mobilized at the bottom of the caisson. The
pullout capacity in this case is given by the frictional resistance
and the weight of suction caisson, plus the resistance at the
bottom of the suction caisson (passive suction) (Fig.2). In this
case the ultimate pullout force is given by:

P,=F +W+R, )

where, Fs is the skin friction on the wall, W is the underwater
weight of the foundation which includes the soil plug, and R,
is the bottom resistance (passive suction).

pullout load
5

[ -~ grout/waler _—_—_~]

Figure 2 Bottom resistance failure
3.2 Reversed Bearing Capacity Failure

Considering the failure in uplift as a reversed bearing capacity
problem is a widely used approach for estimating the pullout
capacity of suction caissons. This approach was firstly intro-
duced by Finn & Byrne (1972) after performing laboratory
model tests to understand the factors governing the pullout
capacity of suction caissons. This idea was then further
verified and enhanced by other researchers (e.g., Andersen f’
al, 1993). The failure mechanism of this model is shown 1
Fig.3.
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e 3 Reversed bearing capacity failure

the pullout capacity of circular suction caissons
tical and static loads may be estimated by the
rmula:

csudc Sk 6)

is the bearing capacity factor with respect to

5, of the soil. For ¢ = 0° the theoretical value is

r N.. d, is the embedment factor. A is the section area

on. Fy is the friction between the external surface
son wall and the soil.

ng Failure

tion caisson is pulled out at an very slow rate, the
apacity can be given by the frictional resistance and
ht of suction caisson (Fig.4), such as:

W, )

» F, is the skin friction on the wall, W is the
1ged weight of the foundation. This failure mode
negligible bottom resistance and is more likely to
er fully drained conditions.

Figure 2 Sliding failure
Conical Wedge Failure

yle failflre mechanism for suction caisson subjected
e uplift loading is illustrated in Fig. 5. 1y is the
€ caisson (d is the diameter of the caisson), R is

S of the deforming wedge, Z, is the depth of
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deforming wedge, 4 is the depth of the centre of the rotation of
the caisson, D is the lug depth, and L is the length of the
caisson. Near the surface, a deforming conical wedge forms
and is pushed laterally and upwards by the translating and
possibly rotating caisson. Below the wedge, the soil is
assumed to flow horizontally around the caisson. To
accommodate this mechanism, the soil wedge must conform to
the caisson at the caisson-soil surface, and must move
tangentially to the right soil-caisson interface.

This failure mechanism was firstly developed by Murff &
Hamilton (1993) for laterally loaded piles and was then used
by Randolph et al (1998) for suction caissons subjected to
inclined uplift loading. Similar mechanisms have also been
detected in the finite element modelling.

r——4——l-—-'

[
\}\}\ T—L E chain force, Ta

Limit of mechanism
; suction caisson

centre of rotation

limit of mechanism

Figure 3 Conical wedge failure

4 THEORETICAL SOLUTIONS

Studies by 2-D and 3-D finite element modelling have been
carried out for different aspect ratios of the caissons, different
soil strength profiles, different soil permeability and different
loading rate. The simplified expressions for the estimation of
uplift capacity of suction caisson were then developed by
curve fitting the finite element predictions. Details of the finite
element study and the detailed derivation of the theoretical
solutions have been presented elsewhere in Deng & Carter
(19992) and Deng & Carter (1999b).

4.1 Vertical Uplift Capacity - Undrained

The vertical uplift capacity can be estimated by a modified
form of the equations governing the reversed bearing capacity
problem. The ultimate uplift capacity can be expressed as the
ultimate value of the average uplift traction, p,, applied at the
top over the caisson area, A = m?/4. In this case P Will be the
sum of two terms, one representing the effective overburden
pressure at the level of the caisson tip, and the other depending
on the undrained shearing resistance of the soil, i.e.,

p.=12N ds ®)

P c u(tip)

where L is the embedded length of the caisson and 4 is its
diameter. s, is the undrained shear strength of the soil at the
depth of tip of the caisson.
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The uplift capacity factor, N, which has taken account of the
effects of the bottom resistance and the soil-wall friction,
may be expressed as: (Deng & Carter, 1999a)

—0.18
N, =7.9(§] :

where L/d is the aspect ratio. In equation (8), d. is the usual
embedment factor for undrained bearing capacity, given by
1+0.4(L/d). The theoretical relationship between N, and L/d
(or Suiplkd, where k is the undrained strength gradient with
the depth) has been plotted in Fig. 6, together with the lower
bound solutions for bearing capacity factor N, suggested by
Houlsby and Wroth (1983). There is good agreement
between the two analytical estimates of N, and N..

®

20
~ 18
z
< 16
2 ‘
& 14 ——Suggested vertical uplift capacity =~~~
212 o 3-D FE modelling results EO
2 A - - Houlsby and Wroth (1983)
E- - 1\
g st—==rs
r—A T A — e S R e
S e+t 7 =
8
£ 4
S
> 2

0

0 1 2 3 4 5

Aspect ratio (L/d)

Figure 4 Vertical uplift capacity ratio

Clearly, the ultimate vertical uplift load can be expressed
simply as:
V,=pA (10)

u u

4.2 Lateral Capacity — Undrained

Previous investigators (e.g., Randolph and Houlsby, 1984;
Murff and Hamilton, 1993) have carried out studies of the
ultimate behaviour of piles in clays under lateral loading.
These studies were of pile segments or complete piles
subjected to lateral loading applied at the top of the pile, and
hence the solutions do not take into account the influence of
the relative depth to the loading point, D/L (where D is the
depth of the load application point from the soil surface).

Studies by Deng and Carter (1999b) have shown that a good
approximation for the ultimate horizontal load that may be
applied to a suction caisson, H, can be expressed
approximately as:

H,=N,Asan1 an

where, s,(231) denotes the undrained shear strength at a depth
equivalent to 2/3 of the caisson length. It was also found that
N, could be described by an expression of the form
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B o (12)

B0

The dimensionless parameters & and /3 are related to the aspect
ratio, L/d, and they can be expressed as follows

D

L

—0.3785
a=7.02(£] (13)
d
and
—oms( &
B =158¢ {2) (14)

The above solutions are applicable to the case of soil strength
increasing linearly with depth (e.g., normally consolidated
soils). The method may also be applied to cases where
foundations are embedded in overconsolidated soils. In the
latter case, the soil strength s,.231) appearing in expression (11)
should be replaced by the strength of the soil at the depth at
which only horizontal displacement occurs when horizontal
load is applied.

The above solutions are plotted in Fig. 7 for cases where the
aspect ratio, L/, is 1.0, 1.5, 2.0 and 2.5.

w
[y

I I
© FEM results - L/d=1.0
O FEM results - L/d=1.5

8

X FEM results - L/d=2.0

A FEM results - L/d=2.5
— Suggested - L/d=1.0
—Suggested - L/d=1.5
— Suggseted - L/d=2.0
—Suggested - L/d=2.5

]

8
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e N

=

o
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—
o

—

w

Normalised horizontal collapse load (Hp/As,)

o

o
=)

02 04 0.6

Normalised Lug depth (D/L)

0.8 10

Figure S Lateral capacity factor for undrained conditions
4.3 Inclined Uplift Capacity — Undrained

Deng and Carter (1999b) found by fitting a curve to the results
of finite element analyses that the ultimate inclined uplift load
can be expressed to sufficient accuracy as:

2
l+ 1—(
v,

u

H
H

15)

2
] -1|-1=0

in which V, is the ultimate value for purely vertical load, given
by equation (10), and H, is the ultimate lateral resistance for
purely horizontal load applied at a lug depth, D. The value of
H, is given by equation (11). V and H are the vertical and
horizontal components of the ultimate inclined load applied t0
the axis of the caisson, and obviously,

XL:lanea
H

(16)
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' g, is the angle of load inclination (with reference to
! ;izaontal plane). The solution given by equation (15) is
Fig. 8.

— From equation (15)
o Ug=2.5, D/L=0.53
X L/d=2.5, D/L=0.67
0 Ud=2.5, D/L=0.00
+ U/d=2.5, DIL=0.73
- Ud=2.5, DIL=1.00
© Ud=15, D/L=0.00
X Ud=1.5, DL=0.22
— Ud=1.5, D/L=0.44
© Ud=1.5, DL=0.67
0O Ud=1.5, D/L=0.89
A l.lld=1.5. D/LTLOO

02 04 0.6 0.8 1.0 12
HMHp

* Figure 6 Inclined uplift capacity (undrained)

, load is usually applied to anchor caissons by the
t of a chain to a lug fixed to the sidewall of the
A load applied directly to the caisson wall at a
? is statically equivalent to the case of the same load
] at the centre line, at a depth of D+(d/2)tan@,.
e, the failure load for the more usual case of
ttachment can be obtained from equation (15),

ng appropriate allowance for the location of the

rtical Uplift Capacity — Fully Drained

J
Ses where the subsoil is fully drained, the pullout
the caisson is equal to the total friction developed
€ soil and the caisson wall. At any depth h, the

7, tween the soil and the caisson wall, f,, can be
d as:

an

b IS the effective horizontal stress acting on the soil
that depth, § s the interface friction angle. The
ction angle may be influenced by the soil type
cion angle and OCR) and the aspect ratio.
has been suggested (Deng and Carter, 1999a)
ed vertical uplift capacity of a cylindrical
an be expressed as:

N

(l—sin¢’)(0CR)"“"tan¢’0':(bam> (18)

the effective unit weight of soil, ¢ is the
N angle, OCR is the over-consolidation ratio,

the vertica effective stress at the location of
aisson,

has ¢
the inte,
wee
! angle

onsidered the friction along both the
™al caisson wall. The effects of the the
0 the interface friction angle, 8, and the
> ¢” and the correlation of horizontal
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effective stress in the soil to the original in situ effect stress
have also been reflected on.

4.5 Vertical Uplift Capacity - Partially Drained
The pullout capacity of suction caissons subjected to uplift

loading under partially drained conditions can be estimated by
the following formula (Deng & Carter, 1999a):

Putneny =N, P uidrainedy T Nbsu(n'p) a9
where

N, =[0.13-0.446 In(T, )1 .65 20
N, =0.632-0.091 1n(§) @n

In expression (19), the first component is the friction resistance
developed along the caisson wall and the second component is
the resistance developed at the bottom of the caisson.
Therefore N is called the friction factor and Ny is the bottom
breakout resistance factor. Pudrained) 1S the drained pullout
capacity and s, is the initial undrained strength at the tip of

the caisson. 7 is a non-dimensional load rate parameter that
can be defined as:

7 =S 22)
vd

where, C, is the coefficient of consolidation of the soil and v is

the load rate (steady velocity) at which the caisson is pulled
from the ground.

It was found that when T} > 0.6, the pullout behaviour is
effectively fully drained, so Ny = 0. When T, < 0.002, the
pullout behaviour can be considered as effectively undrained.
The upper limit of N, is determined by the undrained

condition. Hence, equations (19) to (21) are applicable
whenever 0.002 < 7, < 0.6.

4.6 Lateral capacity — fully drained

Broms (1964) developed a simple but reliable method for the
estimation of lateral capacity for suction caissons in sands.
Broms’ expression for the ultimate lateral capacity of a caisson
embedded in saturated sand can be expressed as:
s r3 e 240, P
JEm ey @3)
2(D+L)

where Q, is the ultimate lateral load, ¢ is the angle of internal
friction of the sand, ¥’ is the submerged unit weight of the
sand, L is the embedded depth of the caisson, d is its diameter,
and D is the distance from the point of application of the
lateral force to the sand surface.

5 EVALUATION OF THEORETICAL SOLUTIONS

The theoretical solution for inclined uplift capacity can be
verified by the solutions obtained by an upper bound technique
using the theory of soil plasticity (Randolph et al, 1998). The
theoretical solutions discussed above can also be examined in
the light of available experiment data. The published
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experimental data include laboratory model-scale and
centrifuge results, as well as some field test results. The test
results include 76 individual tests from 12 independent
studies, which are detailed in Deng & Carter (1999c).

5.1 Evaluation By Upper Bound Techniques

A three-dimensional upper bound technique was developed
by Randolph et al (1998), based on the flow mechanism
proposed by Murff & Hamilton (1993). This technique is
focused on the capacity of suction caissons subjected to
quasi-horizontal loading form a mooring chain. This method
was extended to include quasi-vertical loading of suction
caissons for TLP anchorages by Deng & Carter (1999b) by
adopting the uplift capacity factor, as shown in expression
(9), when considering the energy dissipation at the caisson
tip due to soil movement in the vertical direction. Detailed
comparison between the theoretical solution for inclined
uplift capacity and the upper bound techniques can be found
in Deng & Carter (1999b).

It was found that the differences between the theoretical
solutions and the upper bound solutions for cases where the
load is applied vertically along the sidewall are less than 5%
for most aspect ratios. While for cases where purely
horizontal load is applied the differences are 1% to 20%. A
detailed comparison for inclined load cases is given in Fig.9.

12

1.0

0.8

~mx

‘*+“‘r4 \\"\.\
|

Zo 0.6 4+ = Suggested method ¥
> # Upper bound solutions (L/d=2.5, D/L=0.53)
Upper bound solutions (L/d=2.5, D/L=0.67)

04 1= & Upper bound solutions (Lid=2.5, D/L=0.73)
X Upper bound solutions (L/d=1.5, DIL=0.22) | ~ Y@®
0.2+ @ Upper bound solutions (L/d=1.5, D/L=0.44) |
@ Upper bound solutions (L/d=1.5, D/L=0.66) b .X‘
X

0.0 t +
00 0.2 04 0.6
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Figure 7 Comparison of theoretical solutions and upper
bound solutions

As shown in Fig.9, the upper bound solutions for the
ultimate loads are generally lower than the theoretical
solutions. The reasons for this are likely due to:

The theoretical solutions were derived from the finite
element predictions. Generally finite element results
tend to be over-estimates and it was also assumed in the
finite element analysis that the interface between the soil
and the caisson is perfectly bonded.

The upper bound method is not entirely rigorous and has
some limitations. One of the limitations is that this upper
bound solution is not kinematically complete, since it
ignores interaction between the top and the bottom of
the flow’ region (below the conical wedge) and the
adjacent soil.

5.2 Evaluation By Test Data
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= Theoretical solution

- - - Houlsby & Wroth (1983)

@® Test result (El-Gharbawy et al., 1998), Kaolinite clay 4
X Test results (Hogervorst, 1980), stiff sandy clay & stiff clay

X Test result (Watson & Randolph, 1997), Calcareous silt

A Test results (Hogervorst, 1980), Finc to silty fine sand

@ Test result (Fahey et al., 1999), Calcareous silt

O Test results (Fuglsang & Steensen-Bach, 1991), Kaolin clay

Vertical uplift capacity factor (N)

Figure 8 Comparison of theoretical solution and test data for
undrained vertical uplift capacity (after Deng & Carter, 1999¢)

Detailed evaluation can be found in Deng & Carter (1999c).
Figures 10, 11, 12 and 13 show comparisons of the test results
and the theoretical solutions for vertical uplift capacity
(undrained), lateral capacity (undrained), inclined uplift
capacity (undrained) and vertical uplift capacity (drained)
respectively. From the comparisons, the following conclusions
can be drawn.

2 e S,
<Zn 3 <
3 7
==
un 10 rd
Z‘ . ” ,/—\
> 8 —<
8 | .oz
oo | , ) =
(@] —Theoretical solution - L/d=0.23
I -o- Th -Lid=14 =
a @ Test results (Keaveny et al., 1994), L/d=1.4, Clay
2 B Test result (Larsen, 1989), L/d=0.23, Clay =1
0 . .
0.0 02 0.4 0.6 0.8 10

Normalised lug depth (D/L)

Figure 9 Comparison of theoretical solution and test data for
undrained lateral capacity (after Deng & Carter, 1999c)

The suggested theoretical method for estimating the
undrained vertical capacity of suction caissons seems to
apply reasonably well to a wide range of soils, including
stiff clay, kaolinitic clay, sandy clay, calcareous silt, fine
sand, and silty fine sand.

For estimation of the lateral capacity of suction caissons, the
suggested theoretical solution is reasonable for cases where the
subsoil is clay or has significant cohesion and deforms under
undrained conditions.

The suggested theoretical method for the estimation of the
inclined uplift capacity of suction caissons under
undrained conditions appears to be reasonably accurate for
design purposes.

P
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e 11 Comparison of theoretical solution and test data
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Sts_included measurement of the drained lateral
The comparison shows that the differences between
diction of Broms’ formula and the measured lateral
Ity are between 0.0 ~ 21.7%, which indicates that
:.formula appears to be reliable for cases where the
118 sand or noncohesive soil. Twenty-three individual
Sults were recorded for vertical uplift capacity
Y1y drained). The differences between test results and
dlion by expression (19) are 2.3 ~ 23.3% for aspect
44=0.75,4.5 ~ 10.8% for L/d = 1.0, 4.3 ~ 24.7% for
15,107 ~ 47.7% for L/d = 2.0 and 114.6% for L/d =
- M3y be seen that for aspect ratios less than 2, the test
agree reasonably well with the theoretical solutions.
‘1_180 noted that the theoretical solutions generally

SUmate the measured capacities. However, for those
..;W“h an aspect ratio larger than 2, the theoretical
O1S generally significantly overestimate the measured
YISes.  Use of the suggested formula (19) in design
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together with an appropriate factor of safety is therefore
recommended for aspect ratio less than 2 only.

6 CONCLUSIONS

In this paper, theoretical solutions for estimation of the uplift
capacity of suction caissons, for cases where the subsoil is
drained, partially drained or undrained and the load is applied
horizontally, vertically or inclined, have been presented.
These methods have been verified by the results from a
relatively large number of laboratory and field tests and
solutions obtained from an upper bound technique using the
theory of soil plasticity. The following conclusions were
reached.

e Different failure mechanisms will be developed when the
point of load application, the angle of load application or
the subsoil’s drainage condition is different.

e The suggested theoretical method for estimating the
undrained vertical capacity of suction caissons, equations
(8) and (9), seems to apply reasonably well to a wide
range of soils, including stiff clay, kaolinitic clay, sandy
clay, calcareous silt, fine sand, and silty fine sand.

¢ For estimation of the lateral capacity of suction caissons,
the use of equation (13) and (14) is suggested for cases
where the subsoil is clay or has significant cohesion and
deforms under undrained conditions. The use of Broms’
formula, equation (25), is suggested for cases where the
subsoil is sand or is non-cohesive and deforms in a fully
drained manner.

e The suggested theoretical method for the estimation of the
inclined uplift capacity of suction caissons under
undrained conditions, equations (17) and (18), appears to
be reasonably accurate for design purposes.

e The suggested formula for the estimation of drained
vertical uplift capacity, equation (20), can be used for a
wide range of aspect ratios and for various kinds of soils.

® The suggested formulae for estimating the vertical uplift
capacity for partially drained conditions, equations (21) to
(23), appear to be reasonably accurate only for those cases
where the aspect ratio of the caisson is less than 2.

e It should also be noted that the theoretical methods for the
estimation of uplift capacity of suction caissons presented
in this paper consider only two-sided (anti-symmetric)
failure mechanisms.
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L INTRODUCTION

' The primary objective of mining is the economic recovery
* of mineral commodities from the parent ore. In as much
a5 tailings are a waste byproduct of the recovery process,
' traditionally they were not distinguished as a separate
entity with distinct and complex physical and chemical
characteristics  requiring experienced management.
, Growing awareness of mining impacts over the last
- decade has, however, pressured the mining industry into
P adopting a more responsible approach to tailings
management.

~ The term “tailings” is derived from the fact that the
" mineral recovery process generates a product called
concentrate at the top (or “head”) and a waste called
tailings at the end (or “tail”). The tailings contain crushed
gangue minerals, spent process water and varying
amounts of chemical reagents added during the process to
enhance the recovery of the product mineral from the ore.
The tailings are typically discharged as a low-density,
oundalBE - free flowing liquid to storage areas termed “tailings
Ve storage facilities” (TSFs).

" In the past, tailings storage facilities were all called

and POE§ “tailings dams”, as they acted as permanent hydraulic

Structures. The current trend in tailings management is to

‘ try and minimise the potential for environmental impact

f by minimising the water content in the contained tailings.

Hence the preferred reference to a “tailings storage

facility” rather than a “dam”. A variety of tailings

Storage methods is available to the geotechnical designer.

This paper focuses on the geotechnical design

considerations for the storage of tailings behind TSFs
utilising earthfill embankments.
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pary:  Disposal of tailings is commonly considered to be the single most important source of potential environmental
pact for many mining projects. Increased public awareness and regulatory involvement have meant that the management
tailings is possibly the most sensitive environmental issue confronting the mining industry at present. Consequently, the
esign of a tailings storage facility has evolved into a critical aspect for all mining operations. This paper provides a broad
erview of the key geotechnical considerations associated with environmentally responsible tailings storage facility design.

2. ENVIRONMENTAL ISSUES

Some of the most significant, and certainly most visible,
environmental impacts arising from mining are associated
with the construction, operation and long-term
performance of TSFs. The potential for environmental
impact can, however, be mitigated with careful
consideration of the following issues during the TSF
design and operation stages.

¢ Land Degradation - an area of land, possibly up to
several hundred hectares, will be disturbed to
construct an aboveground TSF.

o  Water Pollution - seepage of process liquor from

impounded tailings can result in:

- rising groundwater levels, possibly into the
vegetation root zone;

-  contamination of groundwaters from mobilised
heavy metals and/or other contaminants; and

- acid mine drainage from the oxidation of
sulphidic tailings.

e Surface Water Impact - the siting of an
aboveground TSF will alter the hydrological regime
of the area, which may affect the downstream
environment.

« Remnant Process Chemicals - the tailings’ may
contain remnant traces of chemicals used in the
recovery process that may be environmentally
hazardous.

e Release of Tailings - the path of tailings from an
embankment breach can extend hundreds of metres
downstream, contaminating large areas.
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o  Visual Impact - the siting of a TSF will impact the
surrounding landscape, particularly at closure when at
full height.

o Air Quality - fine grained tailings can be easily
eroded when dry, and when windblown may cause a
dust hazard.

o Social Impacts - the siting of a TSF may affect the
cultural,  archaeological and  socio-economic
environment.

3. HOW SAFE ARE TSFs?

Comparisons between TSF failures and incidents at
hydroelectric and water-retaining structures were
documented by the International Commission of Large
Dams (ICOLD, 1995). ICOLD plotted the total number
of failures reported worldwide in 10—yeaf increments for
TSFs and water supply dams. The results are shown in

Figure 1.

| | ®TSF Failures (123 Total Cases)

B Water Supply Dam Failures (151 Total
Cases)

¥ %8 8 58
|

Number of Fallures

-
[}
i

-
o

o
s

o
'

1909 1919 1929 1939 1949 1959 1969 1979 1989 1999
Decades

Figure 1 - Water Supply Dam and TSF Failures
(ICOLD, 1995)

Even though the database is not complete, the overall
behaviour of the two structure types is observed to be
very similar and identifies some convincing trends. The
increase in the frequency of TSF failures relative to water
supply dam failures may be due to increased regulatory
involvement and community awareness and hence their
reporting.

4. TSF DESIGN GUIDELINES

The aim of modem tailings management is to apply sound
engineering principles from a variety of disciplines related
to dam, geotechnical and environmental engineering in
order to store tailings safely and economically with
minimal disturbance to the surrounding environment.
Concern over the potential hazards associated with
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tailings storage has led to an increased involvement by
regulatory agencies. As a result, a number of guidelineg
for tailings management have been developed, some of
which are described below.

In Western Australia, legislative controls on tailings
storage are mainly the responsibility of the Department of
Environmental Protection (DEP) and the Department of
Minerals and Energy (DME). To assist the designers,
operators and owners of TSFs in Western Australia, the
DME has published guidelines on the design, approval
and operation of TSFs. Similar guidelines exist in other
Australian states and territories. The Australian federa]
DEP has also published a series of best-practice
management handbooks on mining, including TSF design
and tailings management.

A number of technical bulletins covering TSF design,
operation and closure have been published by the ICOLD
tailings sub-committee. Readers of these bulletins,
however, should be aware that, to the best of the author’s
knowledge, there is no international legislation that could
force the application of these guidelines to Australian
practice.

Whilst these publications provide the designer with
guidelines and best-practice principles for sound tailings
management, they are by no means prescriptive. The
tailings designer must be able to apply the techniques of
geotechnical analysis and engineering in association with
the documented principles in order to achieve a site-
specific environmentally responsible TSF. The tailings
designer can apply the principles of soil mechanics to
characterise the tailings and their behaviour, however, an
appreciation of their difference from most naturally
occurring soils is required.

5. KEY GEOTECHNICAL DESIGN
CONSIDERATIONS
5.1 Tailings Characterisation

Most tailings are in the form of a fine-grained slurry with
a solid fraction that behaves like a soil, however,
depending upon the orebody characteristics and process
type, they can vary considerably in their physical
chemical and mineralogical characteristics. As the
performance of a TSF is largely influenced by the
properties and characteristics of the tailings to be stored, it
is imperative that the tailings’ properties be determined
early in the design development, and periodically
reviewed during operation to optimise the TSF’S
performance.

p
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Hard rock ore crushed as part of the mineral recovery
process generally produces angular particles in the sand,
silt and even clay-size fractions. As a result, these tailings
have geotechnical characteristics more common to
granular materials than to silts or clays, regardless of their
particle size distribution.

Geotechnical property tests performed on small tailings
samples provide a basis for comparison with other tailings
and soils and enable the extrapolation of laboratory other
properties. A typical suite of laboratory tests might
include:

o solids content (% by weight);

o  specific gravity of solids;

o  particle size distribution;

o  soil plasticity (Atterberg Limits); and
o liquor pH and salinity.

Results from the above tests are used to define TSF
design parameters such as flow characteristics, beach
slope, settling rate and storage density. The following
more specialised tests can be conducted to refine the
design parameters:

o  Settling Test — to determine the tailings’ rate of water
release.

o Traxial, Shear Box and Vane Shear Tests — to
determine strength parameters (friction angle,
cohesion, shear strength) for use in stability, bearing
capacity and liquefaction poténtial analyses.

e  Shrinkage Limit Test — to determine the maximum
density that can be achieved by atmospheric drying
alone.

¢ Consolidation Test — to determine the rate of water
release and time dependent deformation under load.

e Permeability Test — to determine the rate at which
water will flow through the tailings (used in seepage
analyses).

e Compaction Characteristics (maximum dry density
and optimum moisture content) — to determine the
tailings’ suitability for use in TSF raising works.

e Dispersivity — to determine the erodibility of the
tailings.

¢ Mineral and Chemical Composition — to define the
mineralogy of the tailings and the nature of any
potential contaminants.

* Rheology Tests — to determine the tailings’ flow
properties.

For operating mines, production tailings are available for
testing, however, if the design is for a new mine, then
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samples must be taken from tailings produced in
laboratory scale metallurgical tests. For both cases the
critical concern is obtaining a representative sample.
Mine process water should be used wherever possible
such that laboratory test results are representative of the
tailings’ behaviour within the TSF.

5.2 Tailings Storage

Surface impoundments are by far the most common
tailings storage method, however, changing economic and
regulatory conditions now require the consideration of
more innovative deposition and storage methods. The
available storage methods generally fall within one of the
following categories:

o  surface impoundments;

e  in-pit disposal (disused open pits);

e paste backfill (underground mine stopes);
e deep water (ocean or lake); or

e  river disposal.

A brief description of the geotechnical considerations for
each of the above storage methods follows.

5.2.1  Surface Impoundments

Surface storage of tailings genmerally utilise earthfill
embankments to retain both the tailings solids and liquor.
The impoundment layout is selected to be compatible
with the topographic setting of the site and can be either a:

e  cross-valley impoundment (single embankment);

e  side-hill impoundment (three embankments); or

e paddock or ring-dyke impoundment (four
embankments).

Surface impoundments are formed by two general classes
of embankment structure:

e  water-retention type embankments; or
e raised embankments.

Water-retention type embankments are constructed to
their full height prior to commencing tailings discharge,
and are best suited to impoundments with high water
storage  requirements (such as a  cross-valley
impoundment with a large internal catchment).

Raised embankments are the most common type of
surface impoundment structure.  They differ from
conventional water-retention type embankments in that
construction of the embankment is staged over the life of
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the facility to limit upfront capital costs before the mine is
in production. Raised embankments begin initially with a
starter embankment sized to impound often the initial two
to three years of tailings output. Subsequent raises of the
embankment are scheduled to keep pace with the rising
elevation of the tailings. In areas of high net-evaporation
an impoundment is typically sized to store tailings at a
vertical rate-of-rise of around 2.5 m/annum. The
embankment raise height and schedule is determined on
the actual tailings rate-of-rise measured during operation.

TSF embankments are raised using a wide range of
materials, including natural soils, mine waste or tailings.
The method of raising is categorised by the direction of
translation of the crest as the raising proceeds. In order of
increasing cost, the raise methods are:

e  upstream;
e  centreline; and
e downstream.

Cross-sections of the above raise types are illustrated in
Figure 2.

UPSTREAM

INCREASING COST OF CONSTRUCTION

-

DOWNSTREAM

Figure 2 - TSF Raise Methods

The initially low density and strength of the deposited
tailings, and their relatively slow strength increase with
time, are important geotechnical considerations for the
design of a TSF. Upstream raising of a TSF can therefore
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present some interesting geotechnical challenges 2
construction often utilises tailings as the fill materia] ang
the raise embankment is founded on the stored tailingg.

5.2.2  In Pit Disposal

Tailings disposal into mined-out pits provides a Telatively
cost-efficient storage method.  This alternative jg
attractive for many operations as it may reduce the ine
owner’s environmental liability by filling an otherwige
deep void, however, there are a number of geotechnicy]
issues that limit the usefulness of In-pit disposal,
including:

o typically about 25% less material than was removed
can be placed back into the pit;

e the pit fills at a fast rate due to the small surface area
and large depth;

*  the rapid rate-of-rise of the tailings results in poor
consolidation, resulting in reduced storage capacity
and large ongoing settlement;

rehabilitation may be delayed many years due to the
unstable tailings surface;

o there is potential for contaminant migration with
hazardous tailings stored below the groundwater
table; and

e tailings disposal into the pit precludes the recovery of
further mineral from the pit at a future date.

5.2.3 Paste Backfill

In certain circumstances tailings can be mixed with
additives (such as cement) to form a paste and discharged
underground to provide structural support. Some South
African gold mines have used this method since the tumn
of the century, however, its application in Australia has
been limited.

Underground disposal can reduce the site’s environmental
liability as the volume of tailings to be stored on the
surface can be reduced by up to 50%. The method,
however, requires tailings with suitable characteristics
(generally high permeability and low compressibility) and
they need to be inert without potential hazard as they are
likely to be stored below the groundwater table.

5.2.4  Deep-Water Disposal

A minority of mining operations discharge tailings in
deep water, either into a lake or the ocean. The lack of
reliable operating data available for comparison to
baseline data has resulted in the public perceiving this

4
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F as “environmentally unacceptable”. However, in
v seismic, high rainfall and steep terrain mining
or where tailings are likely to generate acids due to
vand other sulphides in the ore, then deep water
may be the only feasible method.

River Disposal

”, deep-water disposal, river disposal may be the
/ economic alternative in highly seismic, high rainfall
teep The degradation of the
tream environment at a number of operations has
ed in poor public acceptance of this method.

terrain  areas.

Tailings Deposition

ngs is deposited as a slurry at water contents ranging
m 40 to 200% (solids content 30-70%). Selection of
> most appropriate deposition method generally depends
on the tailings’ characteristics, process type, site
: nstraints and the local climate.  The available
eposition methods include:

Cyclic Drying (paddock rotation), where thin layers
of tailings are rotated through a system of ‘paddocks’.
In regions of high net-evaporation this method can
provide a dense, stable tailings mass.

Subaerial Deposition, which is a generic term for
the deposition of tailings on beaches above the decant
pond water level. This method is typically used in
cyclic drying systems.

Thickened Discharge, which involves thickening the
tailings slurry to a solids content of up to 70% (water
content 40%) to take advantage of the natural beach
slope formed by sub-aerially deposited tailings,
Creating a tailings stack with an essentially conical

rou shape.  Thickened tailings generally beach at a
od 01! k Steeper slope
e mé
acter * Subaqueous Deposition, which is the pumping of
ility) & tailings into a liquor-filled containment. This method
1s they is typically used in areas of high net-rainfall or to
: Mminimise the acid generating potential of sulphidic
b, tailings.
* Co-disposal, where the mixing of coarse and fine
{ailings tailings streams produces another material with
Te 1ack% geotechnical properties superior to either of the
yariso? “f Constituent wastes.
siving :
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Any of the above deposition methods may be the most
appropriate, irrespective of the mineral being mined, and
should be considered as part of the design development.

5.4 Site Selection

The principal criteria for TSF site selection are:

*  properties of the tailings;

distance and elevation relative to the plant;
*  topography of the available terrain;

e hydrological and hydrogeological regime;
e site geology and geotechnical soil profile;
¢ location of ore Ieserves;

e lease areas available;

regulatory requirements;

e  sites of significance; and

¢ rare or endangered flora and fauna.

The selection of the most appropriate site is essentially a
screening process considering the above criteria,
commencing with a preliminary evaluation followed by a
more detailed investigation and evaluation. The screening
process involves the application of various constraints to
an initial array of sites, which ultimately results in a much
smaller subset of reasonable siting possibilities.

5.5 Geotechnical Site Investigation

A field investigation is undertaken to determine the
geotechnical suitability of the proposed site for tailings
storage and the suitability of local materials for use in the
TSF construction. A typical sequence of events for a
geotechnical site investigation would involve a
preliminary desk study of aerial photographs, and
geological and contour maps, followed by a subsurface
exploration with sampling, field tests and laboratory
testing of undisturbed and bulk samples.

In addition, for TSF upstream raising a geotechnical
investigation of the stored tailings is often conducted to
determine the stored tailings strength profile and assess its
suitability to found the raise.

5.6 Embankment Design

5.6.1  Slope Stability

Under normal conditions a soundly designed and
constructed TSF is expected to perform without excessive
deformation or the threat of slope instability. The
embankment could become unstable if:

i
o
i
M
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e overtopped by tailings or supematant liquor;

e high water pressure levels develop within the
embankment as a result of a high phreatic surface;

o seepage through the embankment or foundation
results in piping of fine-grained materials; or

o the tailings, embankment or foundation liquefy
during seismic loading.

It is generally regarded that minimum long-term factors of
safety of 1.5 (typically corresponding to a less than 1%
probability of failure) and 1.0 (typically 50% probability
of failure) represent an acceptable level of safety for TSFs
under respective static and seismic loading conditions.
The geotechnical factors influencing the TSF
embankment stability are the:

e embankment height and slope;

o  phreatic surface position;

o nature and strength of the embankment fill and
foundation materials; and

e time duration of loading (undrained versus drained
behaviour).

As the embankment profile and storage properties
changes during the life of the TSF, the embankment
stability should be regularly reviewed during operation.
Sensitivity analyses for a range of soil properties and
phreatic surface levels are recommended as part of the
embankment stability assessment.

5.6.2  Seismicity

To be stable under earthquake loading the geotechnical
design needs to take into consideration:

o the level of seismic activity (historic and predicted) at
the site;

o the ability of the TSF and its foundations to survive
seismic shaking;

o the potential for liquefaction of the stored tailings,
embankment fill or foundations due to a seismic
event; and

o the TSF siting relative to areas of habitation and
infrastructure.

The following two earthquake levels are generally
considered during the geotechnical design:

o the Operating Basis Earthquake (OBE) for normal
operations; and

e the Maximum Credible Earthquake (MCE) for
extreme conditions.

The OBE is the earthquake that is liable to occur at leagt
once during the expected life of the structure and is often
chosen as the earthquake that has a 10% probability o
exceedance in a 50-year period, which is equivalent ¢, an
annual probability of exceedance of 1 in 475 (Fell 7 a
1992). A TSF is expected to function in a normal manne
after the passage of the OBE.

For TSFs located in highly seismic areas or where failuze
could result in large loss of life or extensive Property
damage, the seismic analysis is usually based on the
MCE. After the passage of the MCE, damage to the TSF
is acceptable as long as the integrity and stability s
maintained and the release of impounded tailings and
liquor is prevented. The MCE is defined as the maximum
hypothetical earthquake that could be expected from the
regional and local potential sources for seismic events that
would produce the severest vibratory ground motion at
the site (Fell et al., 1992).

Loose, saturated sands of the gradation normally
produced from most mine tailings are highly susceptible
to liquefaction. Tailings liquefaction results in a sudden
strength loss that can have catastrophic effects should the
embankment fail. Liquefaction is an important
consideration for TSFs raised using the upstream
technique as the raises are founded on the stored tailings.
The risk of liquefaction can be minimised by maintaining
the decant pond level away from the embankment during
operation such that these tailings are not saturated.

5.6.3 Hydrological Considerations

Historically overtopping has been the most frequent cause
of TSF failure, often a result of mis-management rather
than poor design. Overtopping can severely erode the
embankment downstream slope, either reducing the
freeboard or compromising the stability until stored
tailings and liquor are released to the downstream
environment. Therefore, experienced determination of the
design flood is essential. The design of a major TSF,
where failure could result in loss of life or extensive
property damage, should be based on the probable
maximum flood (PMF).

Although the discharge of toxic liquor is to be avoided if
at all possible, controlled discharge is preferable to having
the embankment overtopped which could result in @
catastrophic failure with the release of huge volumes of
tailings and liquor.

P
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5.6.4 Erosion Control

Erosion of the TSF embankment surface can occur due to
the action of wind or water. Uncontrolled erosion can
adversely affect TSF stability, either directly by
modification of the embankment geometry, or indirectly
as a result of the eroded material blocking drains.

Some embankment materials, such as sands, silts and
dispersive clays, are more susceptible to erosion than
others. Materials of this type should not be left exposed
on the embankment crest or downstream slope. Tailings
themselves are generally highly erodible and should be
covered with a layer of waste rock if they are used in TSF
raise construction. Sulphidic tailings used to upstream
raise 2 TSF will need to be covered with a suitable barrier
on the downstream batter to prevent acid mine drainage.

Internal erosion of material from the embankment
resulting from seepage (commonly termed ‘piping’) can
become a serious issue. Piping can occur when drainage
measures provided to control the seepage are inadequate
or when defects occur within the embankment, such as
settlement cracking or poor fill compaction. Internal
erosion is best managed by comect selection of
construction materials, correct filter design and
experienced construction supervision.

5.7 Seepage

The notion of a “water-tight” TSF is a false one, all TSFs
leak. Seepage can be separated into the following two
categories:

o seepage through the storage embankment or
embankment foundations; and
*  seepage to the groundwater mass.

Seepage of the former will in most cases ‘daylight’ on the
embankment slope or downstream of the embankment.
This can compromise the embankment stability if the
internal embankment drains are inadequate. Seepage of
the latter type may express itself downstream of the TSF,
but is generally confined to the issues of rising
groundwater table and groundwater contamination.

TSF seepage control is site-specific and should be
evaluated during the design development according to the
following three general categories:

*  seepage barriers;
*  seepage recovery systems; or
¢ liners.
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5.8 Instrumentation

The purpose of instrumentation is to measure phenomena
crucial to the behaviour of a TSF.  Geotechnical
instrumentation utilised as part of the TSF design may
include:

bores to measure standing water levels and to sample
groundwater for chemical analysis;

e piezometers (standpipe, pneumatic, hydraulic or
vibrating wire) to monitor pore pressures for stability
analyses;

e flow measuring devices (V-notch, rectangular or
trapezoidal weirs) to measure seepage discharge;

o settlement plates and inclinometers to measure
embankment deformation;

e survey control network to accurately measure TSF
movement; and

e motion accelerographs (seismographs) to record the
TSF’s behaviour during seismic events.

6. CONCLUSION

The long-term storage of tailings poses a significant risk
to the environment surrounding a tailings storage facility.
Increased awareness of the potential hazards associated
with tailings storage over the last decade has led to stricter
control by government authorities and increased
responsibility by mine owners. As a result, the
geotechnical assessment and design of tailings storage
facilities has evolved into a critical aspect of mining
operation. The challenge to miners and their geotechnical
advisors is to use the principles of soil mechanics and
geotechnical engineering in association with an
appreciation of the complex behaviour of tailings to
design, construct and operate a tailings storage facility in
such a way that it remains safe and stable for perpetuity
and results in minimal impact to the surrounding
environment.
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Finite Element Analysis of Deeply Buried Flexible Pipes

Sarah Elkhatib
GHD Pty Ltd, Perth, Western Australia

smmary  Residue underdrains in tailings storage facilities are commonly buried under high fills. Flexible plastic pipes are
rmally used, the material being either PVC or HDPE. The performance of flexible pipes under large heights of tailings is
atively unknown. Guidelines for the design of buried flexible pipelines are presented in Australian Standard 2566.1. However,
are mainly for shallow burial of pipes. The main limitation of existing design methods is that the effect of arching is ignored.
any pipe designers use the prism load routinely even when considerable arching occurs. This often leads to conservative designs
hich are not cost-effective. A new bauxite residue disposal area to be developed at Worsley in Western Australia was used as a
study. The residue underdrains will be. buried under 70 m of tailings and therefore subjected to very high overburden
essures. Due to the limitations of existing design methods, finite element analysis (FEA) was used to model the pipes. FEA can
mulate the complex interaction between the pipe and soil more accurately than other methods. Several factors which influence the
structural performance of flexible pipes were examined and the results are presented in this paper. The advantages of using FEA
over conventional design methods are discussed.

INTRODUCTION increase in residue production that will exceed the storage

, capacities of the existing disposal areas. This identified the
A network of slotted pipes is generally required for the need to develop another facility to store the residue.
llection and removal of liquor from residue storage
cilites. The residue underdrains are commonly flexible The two general areas used for the disposal of residue are the
ipes buried under high fills. Northern Valley and the Southern Valley. The Northern
Valley contains the existing five bauxite residue disposal
Buried flexible pipelines can be designed using various areas (BRDA 1, 2, 3, 4, and 4X), as shown in Figure 1. The
thods available in the literature. However, most of the new residue disposal area, named BRDA 5, is located in the
nventional design methods have limitations. They are Southern Valley.
marily for shallow burial of pipes, and so are inappropriate
- residue storage applications. A more appropriate BRDA 5 will be the largest of all the residue disposal areas
ocedure for simulating the complex interaction between the when developed to its ultimate stage. It will be approximately
Pipe and soil is finite element analysis (FEA). 70 m in depth, occupy an area of 450 hectares and store 185

! million m® of residue.
‘A new bauxite residue storage facility at Worsley in Western

Australia was used as a case study. The residue underdrains, — -
Which will ultimately be buried under 70 m of tailings, were / \

designed using FEA. // BRDA z.x\\ pome
e /’ \~

This paper presents the results of the modelling carried out /-/ \\

and discusses the influence of several factors on the structural & SROA y Emk 2 \.
‘Performance of the deeply buried pipes. The results from \\ L\

% A are compared to ones calculated using conventional Y BRDA 3 REFINERY \
9eSign methods and a discussion of their limitations is N %EQZEHHENT AN
Provided. N
| e /
2 OVERVIEW OF WORSLEY ALUMINA rd

e N

The Worsley Project lies in the Darling Ranges in the south- ,/'/ géggéi;r

West of Western Australia. It is located 200 km south of Perth )
ad 50 km east of Bunbury on the headwaters of the Augustus
- Ver. The production of alumina at Worsley is expected to

9ouble from 1999 to 2000. Consequently, this will lead to an

Figure 1: Site plan of the Worsley Alumina Refinery
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The underdrainage blanket on the floor of BRDA 5 consists of
the layers illustrated in Figure 2. A clay blanket of low
permeability overlies the foundation and is designed to
prevent seepage of contaminated liquor into the groundwater
stream. The clay blanket is overlain by a highly permeable
gravel blanket and a network of residue underdrains. At
ultimate  development, the underdrains  will total
approximately 75 km in length. The pipes are designed to
collect and remove liquor, thereby increasing residue
strengths, and reducing the pressure head across the clay liner,
and hence minimising contaminant leakage. The pipes are
surrounded by a gravelly backfill. The trench backfill and the
clay fill are referred to as the embedment and native soils
respectively.

; ~
BAUXITE RESIDUE A
=la
12
RESIDUE LIQUOR
COLLECTION PIPE— =
FILTER LAYER - 2
TRENCH = \<>
BACKFILL =) (LAY LINER | =
{embedment (selected ©
gravel) VARIES  site clays) 1
FOUNDATION

Figure 2: Illustration of underdrainage system of BRDA 5
3. NOTATION AND UNITS

The following symbols are used in this paper.

B = trench width [m]

C’ = soil cohesion [kPa]

D = Mean diameter of pipe [m]

D. = external diameter of pipe [m]

D, = deflection lag factor [-]

E. = Young’s modulus of embedment soil [kPa]

E, = Young’s modulus of native soil [kPa]

E, = modulus of elasticity of pipe material [kPa]
E.” = modulus of soil reaction of embedment soil [kPa]
E,” = modulus of soil reaction of native soil [kPa]

I = moment of inertia of the pipe wall [m*/m]
K = pipe bedding constant [-]
P, = critical buckling load of pipe [kPa]
R = mean radius of pipe [m]
SN = ring-bending stiffness of pipe (= EUD?) [kN/m/m]
T = pipe wall thickness [m]

W = load per unit length of pipe [kPa]

Ax = horizontal deflection of pipe [m]

Ay = vertical deflection of pipe [m]

¢ = soil friction angle [degrees]
y = unit weight of soil [kN/m’]
v = Poisson’s ratio [-]
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4. DESIGN CRITERIA

For buried flexible pipes, the main failure modes which need
to be considered are excessive deflection, circumferentia]
bending strain and wall buckling (Moser, .

4.1 Deflection

Deflections caused by the weight of the overlying fill can be
the governing criterion in the design of buried pipelines.
Longitudinal deflection is usually not of concern. With
careful placement of the bedding, the pipe does not sag. Ring
deflection, however, is of great concern as it can lead to
reversal of curvature of the pipe. It can cause leaks, reduce
flow and also contribute to incipient collapse of the ring.
Deflection limits vary for different pipe materials. For high-
density polyethylene (HDPE) pipes, the recommended limit is
7.5%.

4.2 Bending Strain

When a pipe deflects under load, bending strains are induced
in the pipe wall. Strain is related to deflection and so most
pipe manufacturers specify installation techniques which will
limit deflection and thus limit the strain. Poor installation can
lead to localised deformations, which can influence the
performance of the pipe. The recommended strain limit for
HDPE pipes is 4%.

4.3 Buckling

Buckling may govern the design of pipes which have low
stiffness and are subjected to high soil pressures. The actual
pressure on the pipe can be compared with the allowable
buckling pressure to obtain a factor of safety against buckling.
Australian Standard 2566.1 (2) recommends a factor of safety
of 2.5 be adopted against buckling.

The above parameters indicate that deflections and loads on
pipes are of most importance. Limiting deflections can often
limit strains and limiting the load on a pipe increases the
factor of safety against buckling. As a result, these two
parameters were the main ones investigated.

5. EXISTING DESIGN METHODS

One of the most important properties of flexible pipes is their
ability to induce arching. Arching is the load redistribution
which occurs when the pipe stiffness is different to that of the
soil. The stiffness of most flexible pipes is less than the SO_il
stiffness and so the overburden load (or prism load) 18
redistributed away from the pipe and into the adjacent soil-
Theoretically, the load on a pipe will only be equal to the
prism load if the pipe and soil have the same stiffness.

Several methods exist for the design of buried pipes, 5
discussed below. One of the major limitations in these
conventional methods is the neglect of arching.

5.1 Spangler’s Iowa State Formula )
The Towa State Formula was developed by Spangler (3) I
1941. Spangler incorporated the effects of the surrounding
soil on the pipe’s deflection. He modelled the vertical
pressure on the pipe as a uniform distribution and the laterd
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parabolic distributions.  Through analysis he
llowing formula:

D, KWr’
"E,I+0.061 E_r°

Ax (€Y

n lag factor, Dy, accounts for the fact that as a
il consolidation at the sides of the pipe, additional
xpected on the pipe with time. A value ranging
to 2.5 for Dy was originally proposed. However, due
nherent conservatism in the formula, Moore (4)
that a value of 1.0 be used, but with the prism load
a load reduced because of arching. The bedding
K, varies with the bedding angle. However, a value
often assumed in the calculation.

1

did not go beyond the determination of the
deflection. He assumed that the vertical deflection
ys equal to the horizontal one. However, contrary to
s assumption, in the case of very flexible pipes, the
eflection departs considerably from the horizontal
ost and Kienow, (5)). Spangler’s original work
steel pipes with stiffness values significantly higher
of HDPE. Therefore, use of Spangler’s equation to
of HDPE pipes would yield unrealistic results
and Abdelmagid, (6)).

her inaccuracy in the Iowa state formula is the modulus
ction, E;’. This is a semi-empirical parameter
rinput into the formula. Unfortunately, E,’ is not a
parameter and cannot be measured either in a
Iy or in the field. Efforts to develop tests to evaluate
been largely unsuccessful. The most widely used E.’
vere developed by Howard (7) in 1977. Howard used
’s formula for back-calculating E,’ from field data.
his values do not reflect the change in soil stiffness
ceurs with increasing depth of fill.

ical Buckling Loads

of Luscher (8) buckling theory is common in the

0 of buried plastic pipes. This approach used the

of soil reaction to characterise the soil support. The

ties associated in using this modulus are as discussed
» Luscher’s buckling theory is a simplified analysis of

0il-pipe system as it ignores shear deformations in the

1

Tigorous approach considers the soil to behave as a
I (Moore and Selig, (9)). For a flexible pipe
by uniform ground of modulus, E,, continuum
theory Suggests that the critical buckling load can be
ated using the following formula:

p _ ED* E,)*
o= T 2

L0 the spring model, continuum theory employs
> Parameters with real physical meaning.
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§.3 Australian Standard 2566.1

AS 2566.1 outlines guidelines for the design of buried flexible
pipelines. The calculation of deflections is based on the Iowa
formula. However, E,’ in the lowa formula is replaced by an
effective combined modulus which accounts for both the
embedment and native soils.

Other limitations include the use of the empirical parameter
E.’ and the assumption that Ax and Ay are equal, as discussed
for the Iowa formula.

The calculation of the allowable buckling pressure using
AS2566.1 is based on continuum buckling theory. However,

the soil modulus, E,, is replaced by an effective combined
modulus.

5.4 Finite Element Analysis

FEA has been developed as a numerical method to solve
complex problems in continuum mechanics. It permits a
reasonably accurate treatment of the soil-pipe interaction
problem. The soil mass around a pipe is set up as a mesh of
soil elements and each element can be assigned different
properties. Various loading conditions, sub-surface
conditions and structural properties can be modelled
mathematically, which is an advantage over physical testing of
such structures.

Soil stiffness is defined using Young’s modulus and Poisson’s
ratio, both which can be readily obtained using laboratory
testing. The three design criteria that need to be checked can
generally be obtained directly from FEA programs,
eliminating the need to use inappropriate formulae. FEA also
incorporates the effects of arching, yielding more realistic
results regarding the interaction of the pipe and soil system.

6. DESIGN OPTIONS

Several design options were considered to obtain the most
optimal design. The main variables were:

e the trench width;
e the embedment soil stiffness; and
e the pipe stiffness.

7. FEA MODELLING

The large array of pipes at Worsley and the magnitude of the
loads they will be subjected to justifies the use of rigorous
design procedures to ensure an adequate design is adopted.

Due to its advantages over conventional pipe design methods,
FEA was used to model the complex soil-pipe system. The
software used for the analysis is called FLAC (Fast
Lagrangian Analysis of Continua).

7.1 Overview of FLAC e
FLAC is a two-dimensional figfite element proggam which was
developed in 1986. It simulales the behaviouf of soil, rock or
other materials that may undergo plastic flow when their yield
limits are reached. Materials are represented by elements
which form a grid. Each element behaves according to a
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prescribed linear or non-linear stress/strain law in response to
the applied forces or boundary conditions.

7.2 FLAC Model

7.2.1 Geometry

Figure 3 shows the finite element mesh used in the analysis.
Only one-half of the pipe was modelled due to symmetry.

FLAC is limited by a maximum mesh size. Accordingly, the
vertical and lateral extents of the model are limited, and so the
mesh size should be selected carefully in order to keep it
within FLAC’s capability without compromising the accuracy
of the results. Therefore, the vertical depth of up to 70 m was
simulated by assuming an appropriate residue height above
the pipe and by substituting the remainder of the residue by an
equivalent uniform surcharge load. The height above the pipe
was large enough to ensure that the equivalent surcharge
above this height has the same effect as the actual residue.
The lateral extent of the mesh away from the pipe was also
chosen such that the vertical boundary does not interfere with
the stress conditions close to the pipe.

SURCHARGE EQUIVALENT TOD
OVERBURDEN PRESSURE

| 1}

o

Figure 3: FEA mesh and applied boundary conditions used in
the analysis

7.2.2 Soil Properties

Soil properties required for input into FLAC include the unit
weight, cohesion, friction angle and bulk and shear moduli.
The bulk and shear moduli were calculated from Young’s
modulus and Poisson’s ratio. Table 1 shows the properties
used for the analysis. When a different trench backfill was to
be examined, only Young’s modulus was varied. The
remaining properties do not vary significantly for the
materials considered. Also, they do not have a significant
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influence on the pipe’s performance criteria and so were kept
constant for simplicity.

Table 1: Soil parameters used in the analysis

Zone Y c’ g E v

(&KN/m’) | (kPa) | () | (MPa)

Residue 20 0 35 20 03

(unconsolidated)

Filter 20 0 35 20 0.25

Trench Backfill 20 0 35 Varies 0.25

(embedment soil) (10-60)

Clay Liner 17 5 32 60 03

(native soil)

Foundation 14.5 25 30 40 0.3

The primary materials considered for the trench backfill
included lateritic gravel (E. = 20-30 MPa) and crushed basalt
(E. = 60 MPa). Intermediate values were used in the analysis
to account for slightly different materials that may be
available on site and to establish relationships between soil
stiffness and pipe performance criteria.

7.2.3 Pipe Properties

The pipe was modelled as a series of structural beam elements
which were assumed to behave in a linear elastic manner. The
parameters required for establishing the stiffness matrix of the
pipe were Young’s modulus, moment of inertia through the
pipe wall and the cross-sectional area of the pipe wall.

Several pipe diameters were examined depending on the area
that the pipe is servicing. The trends observed were
consistent and so only results from the HDPE pipes with an
external diameter of 100 mm are presented. Several pipe
stiffnesses were considered and these are presented in
Table 2. For all the pipes, E, = 337 MPa.

Table 2: Properties of pipes used in the analysis

Pipe t I SN
No. (mm) (m*m) (kKN/m/m)
1 2.5 1.3x 107 0.47
2 2.9 2.0x 10” 0.72
3 33 3.0x 107 1.12
4 4.0 5.3 x 107 2.03
5 5.0 1.0x 10° 4.09
6 6.6 24x10° 9.91
7 10.0 83x10° 38.52

Note that whilst it was apparent that some of these pipes were
too thin-walled to withstand high loads, they were included in
the analysis to establish a relationship between the pipe/soil
stiffness ratio and the pipe’s structural performance.

7.2.4 Boundary Conditions

The boundary conditions specified are illustrated in Figure 3.
Nodes lying on the bottom horizontal boundary were
restricted from movement in both the horizontal and vertical
directions. Symmetry is simulated by allowing only vertical
movement of the nodes lying on the pipe centre-line. The
nodes on the right vertical boundary were restricted from
horizontal movement.
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mSULTS AND DISCUSSION

-nch Installations

wallation of pipes in trenches can have a significant
e on the design of a buried pipe. Several factors need
nsidered for pipes installed in trenches. These include
) of the trench and the stiffness of the trench backfill.

ts were examined by modelling various trench
ranging from 1.6 pipe diameters to 4 pipe diameters.
embedment modulus, E,, was also varied between
and 60 MPa. Note that when E, = 60 MPa, the model
y without a trench as E, =60 MPa also. This
tes an embankment type installation. The same pipe
in all the models. This was a 100 mm HDPE pipe
ffness of 9.9 kN/m/m.

s

flections Using FLAC

ustrates the relationship between the trench widths
ical deflections of the pipe for various embedment
uli. It shows that deflections are sensitive to both
specially at lower values of soil modulus. A soft
| does not provide as much support for the pipe
the pipe to deflect more vertically and laterally. This
ises the importance of careful selection of the trench
terial and the compaction effort.

ertical deflections also increase as the trench width
The trench walls, where an increase in soil stiffness
untered (from the embedment to the native soils), are
‘away from the pipe and so the influence of the stiffer
In supporting the pipe is reduced.

at except for E, = 10 MPa, all the cases considered
in deflections less than 7.5%.

Ee=10MPa ScEezowPal | | - 1
#-Ee=30MPa - Ee=40MPa Lo
Ee=50MPa_—o- Ee=60MPa e
E
""""" *_,.,-—-—-)(———/ A J
no trench
200 250 . = -
Trench Width (mm)
At 4: Effects of trench width and backfill on vertical

deflections

ontal deflections were also calculated and they
4t deflection ratios (ie Ay/Ax) were always greater
for the soil and pipe combinations considered. For
Ment materials, the deflection ratio was found to
n for softer materials. The ratios ranged from 1.5
aand B = 4D,) up to 5 (for E. = 50 MPa and
This confirms that the Iowa formula for
eflections is not adequate, as it assumes that the

dhorizonta] deflections are equal.

tha

271.-

Note that the trends observed are only for cases where the
native soil is stiffer than the embedment soil. If the
embedment material were stiffer, then a wider trench would
result in smaller deflections. Such cases were considered in
the analysis to account for the variability of the soils on site.
However, those results are not presented.

8.1.2 Deflections Using Conventional Methods

The vertical deflections obtained from FLAC were compared
to those calculated using both Spangler’s formula and
AS2566.1. The results are illustrated in Figure 5. The results

are shown for a soft backfill (E. = 10 MPa) and a stiff backfill
(E. =50 MPa).

n
[4)]

P T T T T
—&—FLAC (10MPa) —O~FLAC (50MPa)
—4—AS2566.1 (10MPa) —a— AS2566.1 (S0MPa)
-®--Spangler (10MPa) -o--S angler (SOMPa)

a4 <

N
o

&

= 3

/r—’/

-
o

=

=

&)}

Vertical Deflection, Ay/D (%)

P

& T T (=2 T
0 . =
150 200 250 300 350 400
Trench Width (mm)

Figure 5: Comparison of FLAC with conventional methods

For a soft backfill, Spangler’s equation significantly
overestimates deflections as it does not account for the
support provided by the stiff native soil. AS2566.1 appears to
follow the same trend as FLAC, however, the deflections are
still overestimated for the soft backfill case. Note that
Spangler’s equation gives a constant value regardless of the
trench width. The results from FLAC and AS2566.1 appear
to converge with Spangler’s results as the trench width
increases. This is a result of the native soil having less
influence on the behaviour of the pipe as the trench width
increases. Note that for E, = 10 MPa, even the narrowest
trench does not satisfy the deflection constraints when
calculated using conventional methods.

For a stiff backfill, both Spangler’s equation and AS2566.1
underestimate deflections. However, the difference is not as

significant as for the soft backfill, and they were all less than
7.5%.

8.1.3 Strains

Bending strains were calculated for each of the cases
considered. Trends observed indicate that strains increase as
the embedment soil stiffness decreases. However, the strains
were always less than 4%. HDPE pipe can tolerate high
strains resulting from its deformation because of its ductility,

and so pipe strain was not the governing criterion in the
design of the pipes.

8.1.4 Buckling

Whilst Figure 4 indicates that with respect to deflections,
ideally a narrow trench with stiff backfill is the best
combination for design (only if the native soils are stiffer than
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the embedment soils), this has to be compromised with the
buckling criteria of the pipe. Figure 6 illustrates the
relationship between the vertical load on the pipe and trench
widths for various embedment moduli.

As the flexible pipe undergoes vertical deflection, the soil
above it tries to follow the pipe downwards. However, the
soil’s movement is resisted by shear resistances along the
trench walls. Movement along these slippage surfaces is
resisted by the soil’s shear resistance, which brings about an
active state in the soil above the pipe. Through this action,
part of the weight of the backfill is carried over into the trench
walls.

1420 ' , I i
-o--Ee=10MPa ——Ee=20MPa fio rerich
1278 -&--Ee=30MPa —O-Ee=40MPa | o
g -%-Ee=50MPa_—O—Ee=60MPa i
4 Py o .
x 1136 _Cxt--- Z —5’—6’—‘ 5 ]
ol e— L . T
™ = *,_,*/4 ———————— —— £3
: 2
T 82 e 5
e N R P i Log-m—om—""
710 - T— eyt 2 s
=
568 ; N
150 200 250 et - o

Trench Width (mm)
Figure 6: Effects of trench width and backfill on arching

Figure 6 indicates that the embedment soil stiffness
significantly influences the load on the pipe. As the soil
stiffness decreases, more load is redistributed away from the
pipe. A softer soil results in higher pipe deflections and more
soil compression. This mobilises an active state in the
backfill and load is shed to the stiffer soils.

Arching in excess of 50% was observed. The critical
buckling loads were calculated using continuum buckling
theory and then compared to the reduced loads on the pipe to
obtain factors of safety against buckling. The cases with soft
backfill (ie 10 MPa and 20 MPa) failed the buckling criteria.
Cases with a trench width greater than 3.5D, also failed.

Factors of safety calculated using the prism load rather than
the reduced load, were generally always less than 2.5, and so
failed the buckling performance criteria. Note that using the
prism load will always result in lower factors of safety, and
hence, AS2566.1 will lead to conservative designs.

8.1.5 Stress and Displacement Contours

Figures 7(a) and 7(b) show the vertical stress distributions and
vertical displacement contours for the two different pipe
installations: one in a trench (E. = 20 MPa and 200 mm trench
width) and the other without a trench (E. = 60 MPa).

Figure 7(a) illustrates how load is distributed to the stiffer
native soil. The lowest stresses occur at the pipe crown where
the greatest displacements occur. Soil compression is
significant above the pipe, also assisting in load redistribution.

Figure 7(b) illustrates the case without a trench. Minimum
stresses occur at the pipe invert and crown. However, a
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significant load increase is observed in the soil direcy]
adjacent to the pipe. Note also that vertical displacemengg of
the soil are almost uniform across the model.

8.1.6 Vertical Loads on Pipe

Figure 8 shows the vertical stresses in the soil across a plape
above the pipe for a few of the cases with trenches and ghe
case without a trench. The minimum stresses occur at the
pipe crown. Also shown is the prism load at approximately
1420 kPa (equivalent to 71 m of overburden height). T
stress at the crown of the pipe is approximately 600 kPq,
indicating that arching in excess of 50% occurs. A logy
maximum occurs at the pipe springline. This varies for the
different trench widths. Away from the pipe, the stresses thep
reduce until the trench wall is encountered. A significant
increase is observed due to the sudden increase in sojl
stiffness. The increase exceeds the prism load to counteract
the load reductions above the pipe. The stresses then decrease
gradually and approach the prism load further away from the

pipe.

Note that Spangler’s assumption of uniform vertical pressures
on the pipe is incorrect.
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Figure 7: Stress and displacement contours for different pipe
installations

The case without the trench exhibits different trends. Whilst
the stress above the pipe crown is also at approximately
600 kPa, it increases significantly over the radius of the pipe,
and reaches a maximum (in excess of the prism load) at the
pipe springline. The stresses then gradually decrease until the
prism load is reached.

o
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conventional methods overestimate deflections significantly,
resulting in deflection in excess of 7.5%. For stiff backfills,
both methods underestimate deflections, but not significantly.
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Figure 10: Comparison of FLAC with conventional methods

8.2.3 Strains

The strains were calculated for all the cases modelled and they
were always less than the recommended limit of 4% for
HDPE pipes, and so this was not a governing factor in the
selection of the pipes.

8.2.4 Buckling

Figure 11 illustrates the relationship between arching and pipe
stiffness for various soil moduli. As the pipe stiffness
increases the pipe attracts more load. This is a result of the
smaller deflections of the pipe. When a pipe deflects, the soil
directly above it is mobilised. As the stiffness of a pipe
increases, it deflects less and consequently, less backfill is
mobilised, resulting in more load on the pipe.
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Figure 11: Effects of pipe and soil stiffness on arching

For low values of soil modulus (ie 10 MPa), arching in excess
of 50% was observed. Figure 11 indicates that arching is
more dependent on the surrounding soil than the pipe
stiffness.

Based on the loads shown in Figure 11, the factors of safety
against buckling were calculated. The thin-walled pipes,
although subjected to lesser loads, generally failed the
buckling criteria because their critical buckling pressures were
too low. However, the three stiffest pipes were capable of
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withstanding the loads imposed on them.

Calculating factors of safety using the prism load, rather than
the reduced load, resulted in almost all the pipes failing the
buckling criteria. This indicates that AS2566.1 would require
stiffer pipes to be specified, leading to conservative designs.

8.2.5 Stress and Displacement Contours

Figures 12(a) and 12(b) show the vertical stress contours in
the soil elements and their displacements. The figures
illustrate the effects of increasing the pipe stiffness. All other
properties were kept constant.

The stress contours show the load redistribution away from
the pipe. Whilst most of the displacement contours appear to
be the same, the one directly above the pipe is different. The
stiffer pipe prevents the soil from settling as much and hence
load transferral to the native soil is not as significant.
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Figure 12: Stress and displacement contours for different
stiffness pipes

It is important to recognise that the pipe stiffness plays a vital
role in the successful design of flexible pipe-soil interaction
systems. The field performance of a pipe would depend
heavily on its ability to carry a portion of the load and
encourage positive arching.

8.3 Adopted Design at BRDA 5

The detailed design adopted for BRDA 5 is not presented here
due to its complexity. Pipes with different diameters were
used depending on the area they are servicing. The pipe
stiffness and material also vary depending on the location of
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the pipe in the valley. Obviously, the deepest sections of the
valley require stiffer pipes.

Generally, all pipes were installed in trenches with granula
fill. The trench widths vary between 3D and 5D, depending
on the conditions of the native soils. The trench backfill useg
was well-graded lateritic gravel in good native soil conditiong
and crushed basalt in poor conditions.

9. CONCLUSIONS & RECOMMENDATIONS

Various factors which influence the structural performance of
HDPE pipes were examined. Due to its advantages over
conventional design methods, FEA was used for the analysis,
The general trends observed indicate that the design of pipes
is not simple. Several factors need to be considered. Whilst
one variable may have a positive influence on pipe
deflections, it may have a negative influence on wall buckling,
All the criteria need to be considered for an optimal design to
be reached.

Conventional design methods do not have sufficient variables
to account for the complex interaction between the pipe, the
granular backfill and the in-situ soil, and so can only provide a
crude approximation of a pipe’s performance. Such methods
should only be used within the limits set by the assumptions
made in their development.
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Prediction of Dewatering Related Settlement in Waihi Township,
New Zealand

Anthony Fairclough, M.IPENZ, NZGS, IAEG, ISSMGE, ISRM.
Geotechnical Engineer, URS Greiner / Woodward-Clyde.

Summary :
Between 1995 and 1998, Woodward-Clyde (NZ) Limited (WCNZ) conducted a settlement and rebound study of the Martha
Gold Mine and Waihi township. The objective of this study was to support a resource consent application to extend the
Martha pit.

Dewatering of the Martha pit has caused the groundwater level in most of the soil and rock layers immediately adjacent to
the Martha pit to fall. Lowering of the general groundwater level has resulted in an increase in the level of effective stress
within these soil and rock deposits. This increase in effective stress, and four other unrelated factors, has caused some of the

soil and rock layers around the pit to consolidate resulting in settlement of the ground surface.

In order to estimate the magnitude of settlement and rebound that is likely to occur in Waihi due to operating and
decommissioning the Martha pit, WCNZ completed an extensive program of research, investigation, laboratory testing and

modelling. This paper summarises the methodology and results of this work.

While there has been a change in effective stress leading to some consolidation of the ground surface, dewatering of the
Martha Pit has not caused any structural distress in the township, and engineering predictions indicate that no distress due to
this cause is likely in the future. The magnitude of dewatering related settlement measured in Waihi Township is low

compared to that measured in New Zealand and the United States at sites which have been affected by fluid extraction.

Notation 2.0 Introduction

Cohesion. ' Settlement of the ground surface due to the extraction of
Constrained modulus. fluids such as groundwater, oil, gas, and geothermal water
Constrained modulus of a soil or rock layer has been documented at numerous sites throughout the
during initial consolidation. world.

Wonstrainiod modnlus of @ soil ov mck lager The extraction of water from the ground, for either water
during unload and reload cycles.
Void Ratio.

Young’s Modulus.

Coefficient of Compressibility.

supply or dewatering purposes, has resulted in ground
settlement of more than 6 metres in Mexico City (Rivera et
al 1991) and around 9 metres in the San Joaquin Valley,

California (Johnson 1991).
Estimated settlement

Layer thickness Mine dewatering related settlement has been documented
Change in effective stress at the centre of a soil in New Zealand at the Huntly East Coal Mine. During
1983, an area of approximately 7 hectares experienced

settlement of up to 800mm (Kelsey, 1985).

or rock layer.

Possions ratio

Bulk Density Historically, underground mining occurred at the Martha
Angle of friction. Mine from the late 1880’s through to the early 1950’s. Old

mine records indicate that the underground workings
R=dim, ™ extend to 457m below sea level (BSL). Dewatering of the
D=E(1-p)/{(Q+w)(1-2w)}* old mine occurred to the maximum depth of the workings
* After Lambe and Whitman (1979). (McAra, 1988).
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The Waihi Gold Mining Company Limited (WGC) has
operated an open pit mine at the Martha Mine site in Waihi
since 1989. Originally Martha Hill outcropped at 160m
above sea level (ASL). Resource consents have recently
been granted allowing the Martha pit to extend to a depth
of 95m below sea level (BSL). The location of the Martha

pit is shown on Figure 1.

The Martha pit has been progressively excavated and
dewatered over the last ten years and, as at June 1999, the
pit excavation extended to a level 10m ASL. Since 1989,
the groundwater level has been held at a level 5 to 20
metres below the base of the pit excavation by pumping.
This has caused the groundwater level in most of the soil

and rock layers adjacent to the pit excavation to fall.

Lowering of the general groundwater level around the pit
has increased the magnitude of effective stress within the
dewatered zones. This has caused some of the soil and
rock layers adjacent to the Martha Pit to consolidate.
Monitoring has shown that dewatering of the Martha Pit
has not adversely affected buildings or services within
Waihi Township. Engineering predictions also indicate
that buildings or services are unlikely to be damaged as a

result of mine dewatering.

In addition to mine related settlement, four other causes of

settlement were identified in Waihi Township:

1) Natural consolidation settlement of fill and the

underlying natural soils;

ii) Cyclical shrinkage and swelling, of the near surface
soils, due to rainfall and changing soil moisture

levels;

iii) Movement or collapse of historic mine workings;

and;

iv)  Consolidation of upper soil layers due to reduced

water infiltration.

Considerable work was undertaken to evaluate these, and

separate their effects from the mine related settlement.

A percentage of the settlement due to mine dewatering is
recoverable if the groundwater level is allowed to recover
after the pit is decommissioned. As the groundwater level
rises, the effective stress levels will decrease, and a
proportion of the settlement will be recovered through

rebound.

-6~

3.0 Study Approach

The settlement and rebound study was conducted in eight

stages.

The first stage of the study was a review and analysis of all
the available data. This included a review of published and
unpublished maps, reports, aerial photographs, historical

records and survey data.

The second stage of the study was the development of
plans summarising the settlement measured in Waihj
Township, and preliminary two dimensional geological,
geotechnical and hydrogeological models. During this
stage of the study, areas of insufficient data and areas of

high or unusual settlement were identified.

The third stage of the study comprised field investigations
and laboratory tests targeted to address information gaps.

The fourth stage of the study was the generation of
detailed two dimensional geological, geotechnical and
hydro-geologic models, and a detailed analysis of these
models in conjunction with the measured settlement and
rainfall data. During this stage, a preliminary estimate of
the potential settlement and an interim report was

completed.

The fifth stage comprised additional field investigations
targeted to confirm the extent of the potentially
compressible  layers, confirm  the geotechnical
characteristics of key units, and clarify issues identified

during stage four of the study.

The sixth stage of the study was the development and
refinement of simple one-dimensional geotechnical
models. These models were constructed using records of
drillholes, readings from groundwater piezometers
installed within these drillholes, and laboratory data. The
stiffness properties of the different geologic units were
refined using the one-dimensional models by comparing
predictions of surface settlement made by the models to

measured survey data.

The seventh stage of the study was the development of 2
finite element model along a section through the Martha
Mine and Waihi Township. This was achieved using the
computer program “Plaxis” (Version 6), the geological,
geotechnical and hydrogeologic cross-sections, and
geotechnical data from the refined one-dimensional
models. Where possible, measured groundwater profiles

were used in the finite element models, however, the
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~ maximum number of layers able to be modelled by Plaxis
~ yersion 6 is ten. Because of this, adjacent geologic units
~ with similar geotechnical properties were modelled as a
single layer. The groundwater profiles in these combined
; Jayers were initially estimated using field measurements,
and then refined by comparing predictions of surface

- settlement with survey data.

Finally, the refined one dimensional and finite element
'@wels were used to predict settlement and rebound due to
operating and decommissioning the Martha Mine. By

subtracting the predicted rebound from the predicted
settlement, an estimate of the permanent ground surface

settlement was made.

4.0 Geologic Summary

The near vertical ore-bearing vein systenis that originally
outcropped on Martha Hill are located within andesite. The
andesite is overlain to the east, south and west of the
Martha pit by younger ignimbrite, ash, tuff, and alluvial

deposits which, in places, are overlain by fill.

For the purposes of the settlement and rebound study, the
geological units present at Waihi were grouped into three
main  deposits

according to their geological and

geotechnical characteristics. These units were :

Older deposits comprising andesite and altered
andesite, (

Younger Deposits comprising ignimbrite, ash, tuff
and alluvial deposits, and,

Man-made Deposits comprising fill.

Figure 2 shows a typical subsurface distribution of the
geological units under Waihi Township. Several cross-
sections were developed using published maps, field

observations and machine drillhole information.

The overall strength of the older deposits is relatively high,
and this, together with the fact that they have previously
been dewatered, means that

they are relatively

incompressible.

The overall strength of the younger deposits is highly
Variable and the unconfined compressive strength of these
deposits range from >100 MPa (welded ignimbrite) to <0.1
MPa (alluvium). Most of the younger deposits comprise
Materials which will

depressurised.

consolidate if dewatered or
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In many locations within Waihi Township, particularly
adjacent to historic mine workings and railways, there are
man-made deposits of unconsolidated to poorly
consolidated fill. In addition, many old swamps have been
drained or filled, and the land used for residential
development. Most of the man-made deposits are still
undergoing post depositional consolidation, or are causing
the consolidation natural

of underlying deposits

independently of the current mine workings.

5.0 Hydrogeologic Summary

The permeability of the materials encountered at Waihi
appear to be largely dependant on defect and fracture
frequency in the case of welded materials or rock, and on
porosity in the case of a soil. For the purposes of the
settlement models, the geological units were broken into

three groups of comparable permeability :

i) Highly to moderately permeable. Unaltered andesite
and welded ignimbrite fall in to this group. The
fractures in these units were generally open and
moderately widely to widely spaced in the andesite,
and closely spaced in the welded ignimbrite. The
boulder alluvium is also highly permeable. This
unit comprises cobbles and boulders in a silt, sand

and gravel matrix.

ii) Moderate to low permeability. The geological units

that fall into this group are the unwelded to
ash and tuff
deposits. The fractures in these units are very

moderately welded ignimbrite,
widely spaced, tight, and poorly interconnected.
Some of the silty and sandy alluvial layers had a
low to medium permeability and are also included
in this group.

iii)  Low permeability. The units in this group include
the altered andesite and clay alluvium layers.

Under Waihi township, the presence of an almost
continuous layer of low permeability altered andesite, on
the surface of the older deposits, separates the older and

younger deposits into separate groundwater regimes.

Historic underground mining dewatered the andesite rocks
under Martha Hill and Waihi Town via a system of stopes,
shafts and drives. This dewatering only drained those
overlying younger deposits able to drain through the
altered andesite cap into the andesite. Drainage of the

younger deposits was, therefore, mainly limited to areas

i
|

It
i
I

(I




Proc. Fourth Australia New Zealand Young Geotechnical Professionals Conf

, House & Watson (eds), February 2000, Perth, Australia

immediately around the shafts and drives that penetrated

the younger deposits.

When historic mining ceased in 1952, pumping stopped
and the groundwater levels returned to an elevation close
to the ground surface. Re-establishment of the
groundwater level within the dewatered younger deposits
almost certainly resulted in a partial rebound of the ground

surface.

Data from piezometers, installed prior to mine dewatering
recommenced in 1989, shows that the groundwater level in

1988 was close to the ground surface in all layers.

Piezometric and survey data indicates that the present day
limit of groundwater draw-down (and mine related
settlement) is approximately 700 metres north, 2000
metres east, 1200 metres south and 400 metres west of the
Martha pit. Within the andesite, thes¢ limits appear to

correspond with the location of major structural faults.

Piezometric data indicates that the water level in the
andesite rock immediately adjacent to the Martha pit has
been drawn down to a level similar to the dewatering
pump intake in the old Waihi No.7 shaft. The groundwater
level measured in piezometers within andesite layers
generally rises as the distance from the pit increases.
Piezometers installed within altered andesite indicate that
the piezometric pressure within this unit is variable and the
unit is only locally drained via the historic underground

workings.

Piezometers within the ignimbrite, ash, tuff and alluvial
layers indicate that the groundwater level within the
younger and man-made deposits follow a separate regime
to the underlying older deposits.

The welded ignimbrite layer appears to have been
dewatered to a level which is controlled by the units
exposure in the Martha pit wall. Some recharge of this unit
appears to occur via infiltration from overlying layers, and
through outcrops of welded ignimbrite in the beds of

streams.

Piezometers in the pumiceous ignimbrites, ash and tuff
layers, that underlie the welded ignimbrite, indicate that
the groundwater levels within these units are variable and

are only drained locally.

Piezometers in the fill, alluvium and boulder alluvium

layers, analysed in conjunction with rainfall data and six-
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monthly survey data, indicate that the groundwater leve] in

these layers is controlled by :

i) the lowest level of the unit concerned exposed jn
the Martha pit wall,

if) rainfall recharge, and,

iii)  under-draining of the surface boulder alluvium by
the welded ignimbrite layer.

6.0 Geotechnical Summary

Review and analysis of historic, survey, rainfall, geological
and geotechnical data identified five physical processes
that produce settlement of the ground surface within Waihj
Township. In most areas at least three of these causes of
settlement occur simultaneously. The five settlement

processes which were identified are :

i) Natural consolidation settlement of fill and the

underlying natural soils;

if) Cyclical shrinkage and swelling, of the near surface
soils, due to rainfall and changing soil moisture
levels. At some locations, seasonal shrink and swell

of £20mm has been measured;

iii)  Movement or collapse of historic mine workings
such as the Milking Cow block cave;

iv)  Consolidation of upper soil layers due to reduced
water infiltration. This reduced infiltration is due to

a combination of :

» El Nino weather patterns and a lower than
average rainfall over the five or six years
prior to the study;

$ the installation of sewage and storm water
reticulation systems i\ Waihi township since
the mid 1980’s;

. the clearing or modification of streams; and;
. the local removal of vegetation.
V) Dewatering of the present day Martha Mine.

Settlement caused by i, ii and iii frequently results in
differential settlement and damage to settlement intolerant
structures. The consequences of settlement causes iv and v
are usually regional, more subtle in nature, and therefore

less destructive.
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The results of the geological and geotechnical
investigations, observation of laboratory tests, analysis of
survey monitoring results, and the analysis of laboratory

tests results are summarised below :

i) The calculated pre-consolidation pressures of the
ignimbrite, tuff, ash, and alluvial layers (younger
deposits) underlying Waihi Township suggest that
these layers had not undergone significant

consolidation during historic dewatering.

ii) Many of the unwelded to poorly welded ignimbrite
samples tested in the laboratory exhibited low to
moderate consolidation characteristics up to a
critical pressure. Once this critical pressure is
exceeded the samples exhibit moderate to high
consolidation characteristics. Observations of
laboratory tests indicate that this critical pressure
appears to reflect the collapse4 strength of pumice
within the material, and welding of the material,

rather than preconsolidation of the material;

iiiy  The pumiceous ignimbrite and tuff layers are brittle
and compressible once critical pressures are

exceeded;

iv) Some of the welded ash layers are brittle and
moderately compressible once critical pressures are

exceeded;

V) In places, the alluvium and fill layers are highly

compressible;

vi)  Most of the near surface cohesive alluvial soils are

susceptible to cyclical shrink and swell;

vii) The consolidation coefficient of compressibility
(m,) is between two and ten times greater than the

rebound m,.

Following the eventual pit closure, and recovery of the
groundwater level, rebound of the ground surface is
expected to occur. Rebound of the ground surface will
occur as the effective stress levels in the dewatered soil
and rock layers decrease as a result of a rise in the level of

the groundwater table.

Settlement developed during operation of the Martha pit is

unlikely to be fully recovered for two reasons :

a) Most of the younger alluvial and man-made
deposits are normally consolidated. Soil stresses, as

a result of dewatering the Martha pit, are
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anticipated to exceed the existing pre-consolidatioy

pressure in some locations.

b) The final lake level is anticipated to be around R[,
104 m ASL. This represents a permanent lowering
of the groundwater table around the pit and Marthy
Hill by between 0 and 30 metres. As a result, the
original effective stresses in the ground will not

fully recover to pre-existing conditions.

7.0 Settlement Monitoring Data

WGC has measured a network of 180 survey pins, on a
six-monthly basis, since dewatering of the Martha pit
commenced in 1989. This network comprises surface
settlement marks which were installed throughout the
township before major excavation or dewatering of the pit

commenced.

In addition, several close order survey networks have been
established around buildings which exhibit cracks, or
properties whose occupants or owners claim have been

damaged by mine activities.

The close order survey networks comprised a combination
of piezometers and closely spaced survey pins. Survey pins
were installed at a spacing less than 50 metres across
properties and around buildings. Deep seated and near
surface survey pins were installed to separate mine related
settlement from the other causes of settlement which were

known to be present in Waihi.

Six-monthly pit contour plans, and the corresponding
survey monitoring data, were reviewed in conjunction with
piezometer data to identify links between pit operations,
groundwater movement and ground settlement in the

township area. The results from this review indicated that:

i) The Township of Waihi could be divided into seven
zones of <imilar settlement behaviour demonstrated
by the survey monitoring. Figure 3 shows the extent

of the seven settlement zones

ii) There is a moisture dependent shrink-swell cycle,
which is generally seasonal, that is unrelated to the

mining operations;

iiiy It was observed that ground movements occul
rapidly, and many of the younger deposits exhibit 2
near-elastic response to changes in the groundwatef

level.
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The periods of greatest settlement usually
correspond with pit wall cutbacks that result in a
Jowering of the exposure of younger deposits in the

pit wall.

To date, the measured settlement has not been
consistent, or symmetrical, around the Martha pit.
The complex geology surrounding the pit is

considered to be the main reason for this.

ey results indicated that settlement Zones 1 and 2
were probably unaffected by mine dewatering related
dement. In Zones 1, 2 and 3, settlements appear to be
dominantly controlled by cyclic variation of the soil

or content, with some settlement due to mine

flement within Zones 3 to 7 is due to a combination of
5 of the causes of settlement previously discussed in
 oeotechnical summary. Of Zones 3 to 7, Zone 3 is the
ne least affected by mine dewatering and Zone 7 is the

most affected by mine dewatering.

ftlement in Zones 4 to 7 appears to be primarily due to
anges in the groundwater level caused by present day
¢ activities. Survey data indicates that considerable
nal fluctuations are also present in these zones. The
ment in Zone 7 is primarily due to the combined
ects of mine dewatering and stress redistribution within
he Milking Cow block cave.

e Milking Cow is an historic block cave feature. Old

N

nine records indicate that this underground excavation is
er 300 metres deep, and was extensively mined and
backfilled with waste soil and rock between 1910 and
1945. Prior to present day mining, the Milking Cave was
Visible on the ground surface as a 20 metre deep water
ed depression. The approximate location and extent of
ihe Milking Cow is shown on Figure 3

To date, the six-monthly survey results indicate that
Ctllements in Zones 4 to 7, due to mine dewatering, have
y rapid, and many of the younger deposits exhibit a
-elastic response to changes in the groundwater level.
H1€5¢ movements are expected to be partially recovered

en the pit is decommissioned and the pit-lake reaches its
nal leve],

0 all settlement zones, differential settlement, unrelated to
Mine dewatering, can be expected due to the local

rence of unconsolidated alluvium, fill or rock
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outcrops, which respond differently to changes in load,

rainfall recharge and surface water conditions.

8.0 One Dimensional Geotechnical Models

Once the soil property data had been collated and
analysed, and the soil and rock characteristics identified,
work focused on the development of geotechnical models
which could be used to estimate settlement and rebound of
the ground surface due to operating and decommissioning
the Martha pit.

Preliminary one dimensional geotechnical (POD) models
were initially constructed for several drillhole locations

using :
a) borehole logs;
b) geotechnical laboratory data; and
c) measured piezometric levels.

For all one-dimensional models, the following equation,
originally developed by Terzaghi during the 1930’s, was

used to estimate the settlement of each layer :
s = m,xtxAc’, (Lambe & Whitman, 1979)

The estimated settlements, for all the layers encountered in
a drillhole, were summated to provide an estimate of the

ground surface settlement.

The values of m, used in the POD models were selected
based on the layer material types, and the mid-layer
effective stress, both before and after dewatering.
Estimates of the material properties were obtained from the

results of laboratory tests.

Once the POD models had been constructed, an estimate of
settlement was made using piezometric readings taken in
December 1995. These predictions were then compared to
the average settlement measured around the drillhole
locations by the six monthly surveys. The average
difference between the actual and estimated settlement due

to mine dewatering was found to be approximately 30%.

Next, the values of material stiffness (m,) used in the POD
models were refined so that the difference between the

measured and estimated settlement was less than 10%.




2000

W\..c;
i |8
. m mmm e | g
§ g ‘
g 3| o
g mmm 75988393 G
i i s
S mm g W
% P
m k= mmm&
g#
M m wmmm corneal g %
a2
g mmm 3mm
S M : 1 kB o mm
S o8 &4
i S8 [
4 g2
& (-9
3
g
g E
: ¢
g HEEEER i
ot B EEEEs oty H
; m
m . |
- . |
; DopEnEm| |\ 2
[ I
]




hnical Professi 1s Ce

P

, House & Watson (eds), February 2000, Perth, Australi

Proc. Fourth Australia New Zealand Young Gec

ent Of material stiffness, in general, was limited to
stment of = 20% and concentrated on those layers

. most signiﬁcantly influenced the total settlement. The

jon to this was when laboratory data from adjacent

oles indicated that a sample anomaly had occurred.
fined models were known as the refined one-
onal (ROD) models.

nd calibration was undertaken using the ROD
and additional survey and piezometric data
ed in May 1996. The May 1996 piezometric data
keyed into the ROD models to obtain an estimate of
ement. These predictions were then compared to the
ed settlement. Differences between the estimated
measured settlements were less than 10%, indicating
liable models had been constructed. A summary of
aterial stiffnesses used in the one dimensional

ent models is presented in Table 1.

Table 1

Summary of Material Compressibility.

erial Type m,, (m% MN) m,, (m* MN)
Calculated from | Calculated from
Consolidation Triaxial test
Test Results. Results.
Fill 0.02t00.27 -
- Alluvium 0.02to 7.65 0.01t00.23
oulder Alluvium 0.01 t0 0.08 0.02 t0 0.22
Matrix
thered Welded 0.01t0 0.05 ==
Ignimbrite
Welded Ignimbrite - 0.00005 to 0.00017
erately Welded 0.005 t0 0.10 0.0002 to 0.0085
ceous Ignimbrite
lded Pumiceous 0.006 to 0.035 0.002 to 0.013
Ignimbrite
ately Welded e 0.0006 to 0.0054
Tuff
Welded Tuff / 0.012 t0 0.24 0.0014 t0 0.019
Ash
ed Tuff / Ash 0.01100.25 0.0006 to 0.065
ed Andesite 0.0003 t0 0.057

of the ground surface at the drillhole locations due

aling and decommissioning the Martha pit. These

<83

predictions were made by feeding an estimate of the
appropriate groundwater levels and rebound stiffness into
the ROD models. The reload stiffnesses were estimated
from the laboratory test results and are summarised in

Table 2 in the form of Reload Compressibility Ratios.

Table 2
Summary of Virgin / Unload : Reload Compressibility
Ratios
Material Compressibility Ratio
(Virgin m, / Unload : Reload m,)
Fill 3t09
Alluvium 3to7
Boulder Alluvium 3t06
Welded Ignimbrite 1
Ash and Tuff 3to5S
Pumiceous Ignimbrite 3t05
Altered Andesite and 1
Andesite
9.0 Finite Element Models

A preliminary finite element model (PFE model) of a
section through Martha pit and Waihi township was

initially constructed using Plaxis and :
i) Geological cross-section A-A (refer to Figure 2);

ii) Material data from the refined one dimensional

geotechnical models; and

iii)  The groundwater draw-down cones for May 1996.

The selection of the material stiffness, to be used in the
finite element models, was very difficult due to the
variation in geotechnical properties between adjacent

drillholes.

Initially, the average layer stiffness was calculated using
all the one-dimensional settlement models. Estimating
material stiffness using this method resulted in finite
element models which gave an estimate of settlement

which was within 40% of the survey results.

A second value of the material stiffness was based on the
one-dimensional settlement models of drillholes WC202
and WC206 only. This method gave an estimate of
settlement which was generally within 20% of that

measured by survey methods.

Table 3 summarises the finite element model material

input parameters. For the purposes of the PFE model, a
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Mohr-Coulomb type model was selected to represent the

behaviour of all material types.

The complex sequence of inter-bedded tuff, ash and
pumiceous ignimbrite units; that underlie the welded
ignimbrite, is modelled by two layers in the finite element
model. This simplification was possible because these
units have similar geotechnical and hydrogeologic
properties, and appear to have a compatible level of

dewatering.

A simplification of the geology was unavoidable, as the
maximum number of different layers able to be analysed

by Plaxis version 6.31, is ten.

Predictions of settlement made by the PFE model were
compared to the settlements measured during May 1996.
In general, the difference between the predicted and

measured settlement was less than 20%.

Table 3
Material Properties Used in the Refined Finite Element
Models
Layer Name C 1%} Ps D¢
&Pa) | O | wm) | (MPa)
Andesite 80,000 50 24.0 38,000
Altered Andesite 3,000 42 22.0 300
Moderately Welded 300 42 16.0 2500
Pumiceous Ignimbrite,
Ash & Tuff
Unwelded to 200 34 17.0 150
moderately welded
Ash & Tuff
Highly Welded 120,000 46 22:5 10,000
Ignimbrite
Boulder Alluvium 10 34 20.0 800
Alluvium 10 28 16.5 20
Fill 10 28 15.0 45

Using the PFE model as a base, the two-dimensional
groundwater level within the altered andesite, pumiceous
ignimbrite and ash layers (initially estimated / interpreted
and considered the most variable set of input data) was
adjusted to reduce the difference between predicted and
measured settlement. This model is referred to as the
Refined Mohr-Coulomb Finite Element Model (RM-CFE
model).

The RM-CFE model predicted settlements that were
generally within 8mm (approximately 10%) of that

actually measured.
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Finally, more sophisticated material models, that haye the
ability to model inelastic consolidation and rebound of soil
and rock, were constructed. Using the RM-CFE mode] o
the base, a Preliminary Advanced Finite Element mogg|
(PAFE model) was developed using advanceg ‘

mathematical models to model soil and rock behavioyr,

Both the RM-CFE model, and the RAFE model, were used
to predict maximum settlement due to mine dewatering, ‘
This prediction was made by feeding the predicteq
maximum groundwater draw-down profiles into the finjte “
element models. In general, the magnitude and patter of

settlement predicted by the two models was very similar.

The main difference between the two finite element
models was the prediction of settlement within 100 metreg
of the pit crest. The RM-CFE model predicted
approximately 300mm of movement at the pit crest while

the RAFE model predicted approximately 150mm. Within i
Waihi Township, both models predicted approximately
100mm of settlement at a distance 150 metres from the pit
crest reducing to 10mm at a distance 1100 metres from the
crest of the pit. The results of the finite element modelling

are summarised in Table 4.

A prediction of ground surface rebound due to future
recovery of the groundwater levels was made using the
RAFE model. The RAFE model was used to predict
rebound as the RM-CFE model does not have the ability to

directly model inelastic rebound.

An estimate of the nett long-term ground surface
settlement was made by subtracting the predicted rebound

from the maximum settlement.

Due to a lack of survey data near the pit crest, and
variability of the fill layer, a detailed knowledge of the
site, and engineering judgement, was relied upon to select
the finite element model which gave the best prediction of ‘

settlement near the pit crest.

Discussions with the WGM surveyors suggested that the
predictions made by the RM-CFE model were probably
more realistic than those made by the RAFE model. Fof
this reason, the predictions of long-term settlement
presented in Table 4, are made using the RM-CFE model:

Upon completion of the geotechnical modelling, 2 !
comparison of the predictions made by the ROD, RAFE
and RM-CFM models was made.
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Table 4
Predicted Settlement and Rebound.

Node Distance Between Estimate of Estimate of Estimate of Estimated
Number the Node & Maximum Maximum Rebound using Long Term
Pit Crest Settlement using Settlement using | the RAFE Model | Settlement of the
(m) the RM-CFE Model | the RAFE Model (mm) Ground Surface
(mm) (mm) (mm)
629 0 301 153 34 267
663 50 196 122 8 188
697 100 182 114 12 170
731 150 105 95 18 87
765 200 88 81 25 63
799 220 82 79 27 55
833 260 85 86 38 47
867 320 86 81 47 39
901 330 92 84 51 41
935 450 80 72 37 43
969 480 75 68 32 43
1003 520 67 62 27 40
1037 700 37 40 20 17
1071 800 28 31 14 14
1105 825 27 30 13 14
1139 975 17 23 4 13
1137 1075 10 11 4
1207 1125 2 2 0 2
1241 1313 >1 >1 0 >1
1275 1500 >1 >1 0 >1
1309 1600 0 0 0 0
1343 1700 0 0 0 0
1377 1800 0 0 0 0
1411 1900 0 0 0 0
1445 2000 0 0 0 0

Predictions made using the refined finite element and one

dimensional models were of the same order, and were

generally within 20% of each other. The finite element

models usually predicted less movement of the ground

surface than the one dimensional models.

10.0 Conclusions

1) The magnitude of dewatering related settlement is

low compared to that measured at other sites in

New Zealand and the United States. Monitoring has
shown that dewatering of the Martha Pit has not
adversely affected buildings or services within

Waihi Township.

2) The geology and hydrogeology of Martha Mine and
Waihi Township is extremely complex with closely
inter-bedded layers, confined hydrogeologic

systems and perched water tables.
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3)

4)

5)

6)

7

8)
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The measured settlement, to date, has not been 9) Due to the complexity of the issues, it wag
consistent, or symmetrical, around the Martha pit. imperative that thorough field observations ang
The complex geology surrounding the pit is note keeping was undertaken. An understanding of
considered to be the main reason for this. the problem took several months to develop, and
; seemingly unimportant details were often

Settlements, in each of the seven settlement zones gy p later
L ; - found to be a crucial component of the problem.
identified to date, are attributed to a combination of P P B
five processes of consolidation. Only one of the five 10)  Finite element modelling proved essential whep
processes of consolidation is directly related to estimating differential settlement and tilt.
current mine dewatering. s ;

© 11)  Engineering models are only as reliable as their
Graphs showing actual settlement against time input data.
indicate a progressive, staged settlement that occurs
as the pit geometry is altered, exposing the younger REFERENCES

geologic deposits in the Martha pit wall at a lower
elevation. This allows dewatering of the younger
deposits to develop to the level of the units

exposure in the pit wall.

To date, settlements have occurred rapidly, and
many of the younger deposits exhibit a near-elastic
response to changes in the groundwater level. These
movements are expected to be partially recovered,
due to rebound, as the pit-lake reaches final level.
Full recovery of settlement is not expected due to
the altered groundwater regime and unrecoverable

consolidation of the affected geologic units.

Acceptable levels of differential settlement and tilt

are predicted by the finite element models.

Understanding of the following was essential for

the successful prediction of settlement at Waihi:

e Identification and quantification of all the
causes of settlement present in Waihi.

e Thorough research of historic mine features,
both above and below the ground surface, and
property use histories.

e Detailed understanding of the geology and
hydrogeology of Waihi.

o Detailed understanding of the soil and rock
geotechnical characteristics.

e  Excavation and dewatering history of the
Martha Pit.

e A summary of the measured settlements.

e  Historic Rainfall and weather patterns for
Waihi Township.

e Most importantly, how all the above were

related, or connected, to each other.
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INTRODUCTION

sults of monitoring and analyses carried out in relation to
movements which occurred in a coastal sand dune in
th East Queensland are presented in this paper. The sand
is a relatively young dune, which extends over older

deposits. The crest of the dune is approximately 80 m
Jove the toe, and the slope of the dune is 23° on average
¥th steeper sections of up to 40° in places. A contour plan
nd Totd the dune is illustrated in Figure 1, and a cross-section
d Systen gh the dune is illustrated in Figure 2. In late 1998, a
Wnward displacement of 3.3 m developed near the crest
1 a period of approximately 17 days. The downward
Placement at the crest was accompanied by the
elopment of 2 2.7 m scarp mid-way down the dune, and
Upwards movement of 4.3 m at the toe of the dune,
Cating horizontal movement of a lower wedge of sand and

1d Mining “OWhward movement of an upper wedge.

d for "“f“‘

i : DESCRIPTION OF DUNE MOVEMENTS

The slope movements developed at a time when dredging
Ociated with a sand mining operation was being carried out
distance of 400m behind the toe of the dune, in a dredge
d with a water level at 35m above the toe. The location
W level of the dredge pond were within the normal
- enational guidelines for the mine.

S€veral days preceding the first observed formation of
In the slope, loud rumbling noises were heard
Mlfing fom the dume. Such behaviour has been
PRViously observed to precede large slope movements in

 (nag
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STIGATION OF SLOPE MOVEMENTS IN A COASTAL
SAND DUNE IN SOUTH-EAST QUEENSLAND

S.R. Fidler

Golder Associates, Brisbane

. This paper presents the results of monitoring and investigation of slope movements which occurred in a coastal sand
in South East Queensland, at a time of elevated groundwater levels. The magnitude and pattern of displacement suggest that
ractor of Safety of very close to 1 developed as a result of the rise in groundwater levels. Subsurface investigations identified

tutive model yield consistent results, and indicate that an angle of friction of 11° is required for a Factor of Safety of 1 for a
mechanism which passes through the former swamp deposits. Such a low friction angle is inconsistent with limited
oratory testing on the material. Further work is being undertaken to better understand the mechanisms which led to the
velopment of large scale movements, in order to better predict the potential future development of such movements.

similar terrain in the area. Four days after the first rumbling
sounds were heard, a crack was observed in the ground along
the crest of the north-west dune, and crude measurements of
slope movement were instituted at that time (measurement
using a tape measure between two stakes). More detailed
monitoring using surveying equipment was established
shortly thereafter, and measurements of the vertical
displacement at the crest were made every fifteen minutes
initially.

The cumulative displacement measured at the crest is
illustrated in Figure 3. More than 1 m of vertical movement
developed at the crest over the first 48 hours of movement. A
total movement of approximately 3.3 m developed over a
period of approximately 17 days, after which time the
movement slowed to less than 0.5 mm/hour. The slope has
remained stable since that time. Detailed information
regarding the rates of displacement in the first seven days of
movement are illustrated in Figure 4, with information on
tidal water levels close to the toe of the dune. It can be seen
that the rate of movement is closely tied to tidal fluctuations,
and that peaks rates of movement occur approximately 1.5
hours after tide peaks. The mechanism of tidal influence is
yet to be considered in detail.

In addition to the movement at the crest, a mid-slope scarp
developed (which was first observed the day after the first
observation of the upper crack). At the completion of
monitoring, a relative displacement of 2.7m had developed at
the mid-slope scarp. The location of the upper and mid-slope
scarps and the recorded movement for these features are
illustrated in Figures 1 and 2 (the cross-section illustrated in
Figure 2 is for the section on which the largest slope
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Figure 1 Plan of sand dune

movements were measured). Apart from some leaning trees
near the toe, there was no readily apparent evidence of
mounding in this area. However, significant displacements
developed in this area, as indicated by surveying carried out
prior to and following the movements (refer to Figure 2).

RL (m)

3.1m DROP

103 N i OCT 1897w

s

CLAYEY SAND/SANDY
CLAY LAYER

Figure 2 Cross-section through dune
indicating measured displacements

3 GROUNDWATER CONDITIONS

The water table within the dune rose over a period of
approximately 8 months preceding the slope movements, in
response to seepage from the mine dredge pond. The pond
moved towards the dune from the east, and on 30 October
1998 was located as shown in Figure 1.
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The results of water level monitoring at two piezometers in
the vicinity of the dune are illustrated in Figure 5. The
locations of these piezometers are shown in Figure 1. It can
be seen that the water table at the rear of the dune was at an
elevation of approximately 7 m AHD in the period prior to
direct influence from the dredge pond, and that peak levels in
excess of 18 m AHD were recorded on 6 November 1998.
Water levels dropped relatively rapidly following 6
November, as the dredge pond was moved away from the
area of slope movements. The results also indicate that
similar groundwater levels were present along the length of
dune where movements were observed.

4 SUBSURFACE INVESTIGATIONS AND
LABORATORY TESTING

Drilling and cone penetrometer testing was carried out at
number of locations along the toe of the dune, and at three
locations near the crest of the dune, to assess the nature of
materials beneath the dune, and to assess the extent of the
suspected swamp deposits beneath the dune. As indicated in
Figure 1, swamp deposits were present around the base of the
dune to the north and west, and the shape of the dune
indicated that it had been blown out over pre-existing swamp
deposits.

Drilling and cone testing results identified the presence of 2
layer of variably sandy clay/clayey sand beneath the dune,
with a variable percentage of organic material (refer to Figure
2). Some samples of this material were essentially peat. The

Pa
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ended along the majority of the toe of the dune, and
ent in the boreholes drilled from the crest of the
amples of clayey material from beneath the crest of
were very stiff to hard (as would be expected for
rmally consolidated beneath an 80 m high dune), and
from beneath the toe were generally firm. It appears
ayer of sandy clay/clayey sand was deposited in a
r a previously deposited, relatively deep layer of
d sand. The investigation did not identify the
nce of any other layers on which movements could have
y developed, and it has been assumed that shear
nent was concentrated in this layer.

testing on a sample of clayey sand from this layer
ded an angle of friction of 27°. Additional laboratory
g on further samples recently obtained is currently

;
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Figure 3 Cumulative displacement measured at crest
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Figure 5 Measured groundwater levels at crest of

dune
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BACK-ANALYSIS OF MOVEMENTS
5.1 General

Back-analyses to assess the conditions which led to the
development of the slope movements described above have
been undertaken using two approaches:

® non-linear stress-strain analysis using the finite element
technique
e  Limit Equilibrium methods

Finite element analyses have the advantage that they do not
make a priori assumptions regarding stress distributions or
locations of limiting soil stresses, and stresses and
displacements are therefore determined by considerations of
equilibrium, strain compatibility, and soil strength. Limit
equilibrium methods, which are widely available and are
relatively easy to use were also used for back-analysis, since
such methods would ideally be used in any analysis of future
potential problems of a similar nature.

Prior to commencement of the back-analyses, it was
necessary to consider the choice between drained and
undrained analyses. Loading of the slope took place over a
period of approximately 8 months as the water table in the
dune rose and increased the weight of sand above the
potential sliding layer. In addition to the increase in total
stress due to increased bulk density (possibly with consequent
pore pressure increases depending on the rate of loading),
pore pressure increases develop as a result of equilibration
with the raised water table. In the extreme case of rapid
increase in water level, the pore pressure increase in the lower
permeability potential sliding layer would initially depend on
total stress changes and the A and B pore pressure
parameters. For typical values of A and B, the pore pressure
changes which would accompany such an undrained loading
would be less than the pore pressure changes which would
develop as a result of equilibration with the raised position of
the water table. Thus, in this case, drained conditions should
be more critical than undrained conditions. Analyses for this
study have therefore been carried out as drained analyses,
with pore pressures that correspond directly to the rising level
of the water table in the sand dune. It is possible that the
dune movements developed prior to the full equilibration of
pore pressures, in which case the actual soil strengths would
be somewhat less than indicated by the back analysis.

5.2 Finite Element Modelling

In the finite element modelling carried out for this study, soil
behaviour was described using an elastic, perfectly plastic
constitutive law, with a limiting shear strength condition
defined in terms of the Mohr-Coulomb failure criterion.

The finite element mesh used for analyses is illustrated in
Figure 6. The lateral boundaries of the model were specified
as zero horizontal displacement boundaries, and the basal
boundary was specified as a zero displacement boundary.
The lateral boundaries were chosen to lie outside the limits of
observed slope movements. The formulation of the finite
element model is for plane strain conditions, and therefore
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Figure 6 Finite Element Mesh

represents a slope which is infinitely long and of uniform
cross section in the direction perpendicular to the section
which was analysed. The cross-sectional geometry adopted
for the model is that of the cross section on which maximal
slope movements occurred. The implications of the
assumption of plane strain conditions are discussed further in
the following.

Properties adopted for the various slope materials are
summarised in Table 1. Properties for the dune sand were
based on previous testing. Variable strengths were adopted
for the material in the clayey sand/sandy clay layer, in order
to determine the angle of friction for which large slope
movements were initiated in the model.

Table 1— Material Properties Adopted in the Finite
Element Model
o

¥ =19 KN/m3

Dune sand ¢’=32°

below water table

v =16 kN/m3

above water table
Sliding layer ¢’ = variable vy =18 kN/m3
Underlying sand ¢’ =35° v =19 kN/m3

Analyses were carried out for two water table elevations, as
illustrated in Figure 1. The two water table conditions are
based on the water table profiles for steady state conditions
prior to the water table rise, and for the conditions at the end
of October following a water table rise over the previous 8
months. At this stage, no attempt has been made to consider
the effects of tidal fluctuations.

The stress history of the slope was imitated by commencing
modelling with an approximately horizontal ground surface,
and then sequentially adding layers of material to the model
to simulate accretion of the dune over a period of time. Stress
conditions in the slope were calculated in this manner for the
case of steady state water table conditions, and changes from
this condition were then calculated by increasing the water
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table elevation, and increasing the bulk density of the materjy]
in the zone of water table rise. '

5.1 Limit Equilibrium Analyses

Limit Equilibrium analyses were carried out using the
Generalised Wedge Method (Giam, 1989). The Generalised
Wedge Method is a true upper bound solution, and thus the
calculated Factor of Safety is strictly greater than or equal to
the “true” Factor of Safety. Conventional Limit Equilibrium
analyses are neither true upper bound or true lower bound
analyses. The magnitude and pattern of slope movements,
and their sensitivity to minor influences such as tidal
fluctuations, indicates that soil strengths were very close to
fully mobilised along a kinematically admissible surface.
This suggests that an effective Factor of Safety of very close
to 1 should be adopted for back-analyses with Limit
Equilibrium methods.

As discussed further in the following, analyses with the
Generalised Wedge Method were based on wedge geometries
which were consistent with the observed displacements, and
which were consistent with the pattern of displacement
indicated by the finite element analyses. Amnalyses were
carried our using parameters indicated in Table 1.

6 BACK ANALYSIS RESULTS

Horizontal displacement, calculated at the toe of the dune
using the finite element method, is plotted in Figure 7 as 2
function of the angle of friction for the potential sliding layer.
The displacements which are illustrated in this figure are for
the load increment corresponding to the increase in water
table.

Limited plasticity developed at the toe for a friction angle of
15°, with increasing displacement at lower friction angles. A
converged solution was obtained for an angle of friction of
11° (with displacements of the order of 140 mm), whereas the
analysis with an angle of friction of 10° did not converge
The pattern of displacement for the analysis with an angle of
friction of 11° is illustrated in Figure 8. The pattem of
displacement is roughly consistent with the observed patter
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ment. However observations of the displacement

ser scarp suggest displacement developed on a plane

ch steeper angle than that indicated by the finite

 analysis. Similarly, the finite element analysis

.tes the likely formation of a mid-slope scarp at a lower
1 and on a steeper plane than that observed.

«is using the Generalised Wedge Method was carried
the wedge geometries indicated in Figure 8, and a
angle of 11°. The calculated Factor of Safety for this

P 0.98.

15 20 25 30
ANGLE OF FRICTION (degrees)

igure 7 Predicted displacement at toe of dune

CUSSION OF BACK ANALYSIS RESULTS

analysis results indicate that an angle of friction of
d be necessary for large slope movements to
, such as were observed. An angle of friction this low
tent with the results of laboratory testing, and with
ich are conventionally adopted for similar swamp
in South-East Queensland.

ossible explanation is that large movements have
developed at this site, and have caused residual
develop along the pre-existing slip surface. It

Observed location of mid-
slope scarp

! /
A

N
NN

should be noted, however, that laboratory testing carried out
to date has not indicated that residual shear strength is
substantially less than peak shear strength for the sandy
clay/clayey sand layer beneath the dune.

The mechanisms for the development of a pre-existing slip
surface are not evident. For a previous slip to have caused
residual strength to develop on a discrete failure surface, it
would be necessary for it to have developed after
consolidation of the pre-existing swamp deposits beneath the
dune (since failure on a discrete plane would not generally
develop in a soft clay). A possible trigger for previous
movements could be an earthquake.

It is worth noting that even for friction angles as high as 27°,
the finite element analyses indicated the full development of
plasticity in the clayey sand/sandy clayey layer, in almost the
entire length from beneath the crest to the toe. Full
development of plasticity was predicted in limited areas for
the conditions preceding the water table rise, and the area of
plasticity extended towards the toe as a consequence of the
water table rise.

Although the full development of plasticity was predicted
locally by the finite element analyses, large-scale
displacements did not develop in the model since the local
conjugate failure directions were not aligned horizontally.
Relationships between local shearing on conjugate planes and
overall shear displacements have been discussed extensively
in the literature (for example, de Josselin de Jong (1971,
1988), Airey and Wood (1987), and Wroth (1987)). It has
been postulated that, for example, displacements in a shear
box test develop on vertical surfaces, and that overall
horizontal displacements are made up of a combination of
shearing on vertical surfaces and rigid body rotations (de
Josselin de Jong, 1971). The references cited above indicate
that shearing which develops as a result of such a mechanism
provides less resistance than would be indicated by the angle
of friction and the stress normal to the overall direction of
shear displacement.
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Figure 8 Pattern of displacement predicted by finite element analysis
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It appears possible that displacement at the toe may have been
initiated by such a mechanism, leading to progressive
development of movement through the remainder of the layer
already at limiting conditions. The observed rumbling from
the dune for a period of several days prior to the development
of movement at the crest indicates a progressive development
of movement commencing at the toe. Further analysis using
alternative constitutive models (for example the constitutive
models developed by de Josselin de Jong (1971, 1988)) may
provide additional insight into the conditions which led to
movement.

8 CONCLUSIONS

Large displacements which have developed in a coastal sand
dune overlying former swamp deposits have been analysed
using finite element and limit equilibrium techniques, in an
attempt to understand the factors which led to the
development of movement. Understanding the mechanisms
which led to the movement is important, since future mine
paths will pass within a similar distance of coastal dunes
which are similarly located over former swamps.

The analyses yielded consistent results which indicate that for
a Factor of Safety of 1 to develop as a result of an observed
water table rise, an angle of friction of 11° is required for a
layer of organic sandy clay and clayey sand which was
encountered beneath the dume. The failure mechanism
predicted by the analyses is similar to that observed in the
field.

Laboratory testing on a sample of clayey sand collected from
the likely sliding layer beneath the dune has indicated an
angle of friction of 27°, which is consistent with values
typically adopted for swamp deposits in the area.
Mechanisms for the development of a plane of weakness with
a friction angle of 11° are speculative only, but might include
the prior development of plane with residual shear strength
due to large scale movements caused by an earthquake.
Geomorphological evidence of previous large scale
movements would be difficult to discern, and evidence for the
presence of a plane of weakness with very low angle of
friction may be difficult to obtain from conventional site
investigation techniques.

It is possible that analyses based on a Mohr-Coulomb failure
criteria has led to under-prediction of the friction angle for
the former swamp deposits beneath the dune, since such a
model requires one of the conjugate failure directions to align
horizontally for failure to develop. However, it is not clear
that this requirement would necessarily hold in a system
where soil plasticity is fully developed on inclined planes, but
movement is essentially constrained to the horizontal plane
by the presence of higher strength material above and below.
If possible, further analyses will be carded out with
alternative constitutive models, in order to assess the
possibility that large displacements developed without the
presence of a plane of very low strength materjal.
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Further analyses will also be carried out in relation to Simj]
large scale movements, which have previously developeq at
the mine in the batters of the dredge pond. Analysig of
similar movements will hopefully assist in the assessment of
whether such movements require the presence of very low
shear strength materials.
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Deformation Behaviour of Rock Slopes on
Pre-Existing Shear Surfaces

James Glastonbury
School of Civil and Environmental Engineering, The University of New South Wales

The deformation behaviour of a rock slope prior to collapse is inherently related to the failure mechanism, strength of
e s controlling the failure mechanism, and in some cases is related to the rock mass strength. This paper presents results of

£ 2 selection of rock slopes whose deformation behaviour has been influenced by defects that have experienced significant
o The rupture surfaces of these slope failures have experienced large deformation due to either regional folding, stress relief
instability. Examination is made of the relationship between normal effective stress acting on the rupture surface, rock
jon, over-riding of defect asperities and shearing or crushing of asperities. These factors are considered in the context of
rmation behaviour and discussion is presented on their influence.

i

KGROUND AND NOMENCLATURE

formation behaviour of a rock mass prior to collapse is
) the failure mechanism and the strength of defects
e rock mass. Skempton and Hutchinson (1969)
e terms “first-time slides” and “slides on pre-
p surfaces” to distinguish between slides in
ground and slides on surfaces that have
significant  shearing. Hutchinson (1988)
that slides on pre-existing slip surfaces can be
divided into two distinct categories:

on surfaces which have been pre-sheared due to
cal processes other than landsliding; and

on surfaces that have been pre-sheared by
us landsliding episodes (reactivated sliding).

cal processes responsible for causing shear along
lude rebound/stress relief, regional faulting and
er tectonic stresses and glaciotectonic influences.
discusses the nature of landslides on pre-existing
es and the influence this shearing can have on the
e behaviour of a rock slope.

Sent industry practice of dealing with moving slopes
' volves establishment of a monitoring system and
I stabilisation measures if appropriate. The critical
hat need to be answered include:

moving slope collapse?

the failure be sudden and brittle?

1808 are expected prior to collapse? and

and fast will the slope move before collapse?

attempts to address some of these areas of
°Y examining a select group of well investigated
fonitored slopes.
€Ims !lave been adopted for describing the
behaV}Our of a rock mass including rebound,
Ogressive movement, elastic deformation and
;’ rock slopes will behave in the same manner in
~viOMmation, due to the variability in rock mass
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characteristics. However, the deformation behaviour of a rock
slope can be shown to exhibit certain typical stages, such as
decreasing displacement rate, constant displacement rate or
accelerating displacement rate.

The cases presented in this study are all natural slopes and no
assessment of their elastic response to load variation has been
made or measured. Following the initial elastic response,
plastic deformation associated with stress relief may occur. In
most cases this is observed as shearing along defects and may
occur as steady movement over protracted periods or as
episodic (stick-slip) movement. The rock mass response to
stress relief and other external changes (such as increasing
groundwater level) may be short-lived and rates of
displacement may reduce with time or the response may be
ongoing leading to accelerating rates of displacement and
eventual collapse. The term creep has been adopted in this
study to describe the time-dependent “slow, more or less
continuous deformation or flow of natural and excavated
slopes” (Emery, 1978). Creep is generally recognised to have
three main divisions, as indicated in Figure 1. These terms
will be used to describe the case studies presented in the
following sections of this paper.

N Collapse

Strain or Displacement

Time

Figure 1: Diagrammatic representation of creep curves for
moving slopes
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2 DESCRIPTION OF CASE STUDY DATA
2.1 Classification

Ten cases of rock slides on previously sheared surfaces were
examined in this study and their characteristics are
summarised in Table 1. They were categorised according to
whether they were first time slides on pre-sheared surfaces or
reactivated slides. They were also sorted in terms of
geological environment, failure mechanism and displacement-
time behaviour, with comment provided in Table 1.

In all cases, the failure mechanism is broadly described as
translational sliding, using Hutchinsons (1988) classification
system. On a detailed level, cases represent wedge sliding or
block sliding on planar or curved failure surfaces.
Diagrammatic illustration of slide geometry is presented in
Table 2. Information on the cases was obtained from
published literature and unpublished reports. In all cases
displacement monitoring commenced after the slope started
moving. Comparison of data is not straightforward due to
variations in length of monitoring period and intervals
between readings. Eight of the slopes presented in the
database were monitored using surface survey prisms.

Table 2: Diagrammatic Illustration of Slide Geometry.

Basic Slide Geometry
Rupture Surface ~ =~ = Geology Structure
::memal Vaiont | La Cantera Colluvium
aults

Kariba
Weathd

Revelstoke

Internal
Shear

Scalate

Stress relief
joints

~ Dirinei | Glen Douglas
< e
Old slide | Schistosity
debris =

The interpreted mechanism shown in Table 2 for Bumper
Gully is based on surface geology and geomorphological
mapping. There is some suggestion that the failure mechanism
at Bumper Gully may be a compound slide involving some
internal shearing. Further assessment of the Bumper Gully
case will likely confirm the failure mechanism.

Comparison of total measured displacements is difficult due
to variations in size of the slope failures. It is expected that,
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all other things being equal, a larger rock mass will exhibj
greater displacement than a small rock mass. It is suggesteq
that failure limits in terms of strain may be more relevant than
total displacements. Therefore, for the purpose of Ccomparisop,
total displacements for each case have been normaljseq
against the down-slope length of the failed mass, to give 2
indication of strain of the rock mass. It is considered that the
down-slope length is the most appropriate parameter for
normalising, as vector deformation of these sliding failureg j
generally in a direction parallel to the slope face.

2.2 Case Study Commentary

Two of the ten cases examined (Vaiont and Scalate)
progressed through to collapse. The remaining eight cases
exhibited movement of varying extent and may be considered
to have failed in terms of serviceability criteria but they did
not show sudden catastrophic collapse.

The mechanism of previous shearing on the rupture surface of
each of the slides was examined, and is indicated in Table 1.
Causes of previous shearing include regional tectonic folding
of strata, stress relief due to unloading and earlier periods of
sliding. Five cases had previously sheared basal Tupture
surfaces associated with both regional folding and earlier
sliding. Two cases had previously sheared rupture surfaces
derived from both stress relief and earlier sliding activity.
Two cases showed no signs of folding or stress relief but were
reactivated landslides and one case was likely a first-time
slide on a surface previously sheared by regional folding.

There were essentially two geological categories within the
ten cases examined. Four cases involved sliding in
sedimentary environments (limestone, marl, sandstone and
siltstone), with rupture surfaces defined by bedding. The other
six cases were from metamorphic terrains (schist, gneiss and
quartzite) with rupture surfaces defined by jointing or
schistosity. All failures were predominantly defect controlled.

3 ANALYSIS OF DEFORMATION BEHAVIOUR
31 How Do Slides on Pre-existing Shears Behave?
3.1.1  General

All ten slides respond in different ways to load changes, such
as groundwater rise or stabilisation works. Slides with a larger
normal effective stress (on the rupture surface) generally show
a more regular displacement-time response under periods of
constant loading. Slides at low normal stress levels tend to
show more erratic behaviour at constant loading. Many of the
slides exhibited sensitivity to rainfall events, with larger slides
generally showing a more delayed reaction time.

Geomorphological features on a number of the slides suggest
significant movement. This movement combined with
irregular rupture surfaces has resulted in disaggregation of
slide masses. Vaiont and Kariba show disrupted slide masses
overlying a rupture surface of complex geometry. Bumper
Gully shows a highly to moderately disturbed slide mass, over
what is likely to be an undulose and curved slide surface. L2
Cantera slide is described as highly fractured yet the rupturé
surface is understood to be relatively planar. The large total
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ent (50mT) of this slide may explain the high degree of
rng.

1t rates for nine of the slides were typically between
4 0.5mmy/day. Vaiont had monitored rates generally
|mm/day, With occasional peaks at about 20-40mm/day
: displacement rate immediately prior to collapse
{0 be about 200mm/day. Distinct primary, secondary
metimes tertiary creep stages are visible in the
1o data for most cases, with Vaiont showing
. ly distinct phases (refer to Figure 2). Many of the
 were stabilised so complete tertiary creep sequences are
:‘ot available and may in some cases not have

Joped.
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jure 2: Displacement data for Vaiont slide showing
nship with reservoir level (Hendron and Patton, 1985).

Stick-Slip Displacement Behaviour

motion is the term used to describe sequential
of rapid displacement followed by periods of low
ement rate. It is associated with the sudden over-riding
fities on the rupture surface. In many slopes this type
ur may be observed in association with peaks in
‘Sflowmelt. In examination of these cases, focus was
lip displacement behaviour during periods of
001?sistent stress levels. Consideration also needs to
to intensity of monitoring. If readings are made at
then a smoother displacement-time curve will
d and stick-slip motion may be unrecorded. The
nt-time data for Revelstoke slide, presented in
ggests some stick-slip type behaviour at very low
_ le\fels. This slide was described as reactivated
regional folding) but the extent of previous
> unknown. Clay gouge and breccia are known to
8 at Jeast part of the rupture surface and the normal
IS very low. It is possible that the slide surface is
strength and this combined with the presence of
Cause some brittle response to shearing (and
bility for stick-slip motion).

er sliqes examined in this study show more uniform
~time behaviour at higher normal stress levels.
uted to the fact that destruction of asperities has
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taken place to a greater extent on these other slides. The data
also suggests that slides that have undergone large shear
displacements exhibit a reduced stick-slip tendency.

Cases such as Kostanjek, Vaiont and La Cantera involve
sliding on clay coated rupture surfaces that have experienced
significant shearing during previous sliding episodes and/or
regional folding. The normal stress levels on these rupture
surfaces were high and significant crushing and shearing of
asperities is expected to have occurred. These three slides do
not exhibit any apparent stick-slip tendencies and tend to
show more gradual changes in displacement-time behaviour.

30 ——| —¥—Rock Mass Dilation (mm)

|
. --®--Rupture Surface Shear
Displacement (mm)

Displacement (mm)

&%

0 —O-8

1-Sep-79 31-Dec-79 1-May-80

Date

1-Jan-79  2-May-79

Figure 3: Displacement data for Revelstoke slide showing
irregular (stick-slip) behaviour (Martin & Kaiser, 1984)

3.1.3  Radial Displacement Behaviour

Radial displacement behaviour was observed in 2 number of
the cases examined. In all cases, it appeared that extent of
radial change in displacement behaviour was related to the
extent of fracturing of the slide mass. In the case of Bumper
Gully, the slide mass was recognised to be very disturbed,
with average RQD’s of the order of 15-50%. Highest rates
and greatest magnitudes of movement were observed towards
the centre and front of the slide. Rates and magnitudes of
movement appear to show a general decrease with increasing
radial distance towards the rear and sides of the slide. Similar
patterns were observed in Dirinei and Malvaglia slides, which
were described as highly fractured.

3.2 Reasons Behind Deformation Behaviour

32.1 Overview

Translational slides may be considered analogous to
laboratory direct shear tests on defects. The critical factors
that determine the behaviour of a slide mass on a pre-sheared
surface include:

1. the effective normal stress acting on the rupture surface;
2. rupture surface properties and geometry;

3. rock mass properties of the overlying slide mass; and

4. extent of previous shearing.
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3.2.2  Normal Stress

Analysis of test data for rock defects highlights the
relationships between defect roughness, normal stress and
shear strength. At all but very low normal stress levels, the
shear strength of a defect decreases with progressive shear
strain, until residual friction angle is attained. At low normal
stresses dilation of the defect and over-riding of asperities is
dominant while at high stress levels shearing and/or crushing
of asperities is dominant. At high normal stress levels a more
rapid reduction in shearing resistance is expected (ie: the
strain required to reach residual strength is expected to be
lower). This is schematically illustrated in Figure 4.

Shear Strain, e
~
>

Shear Stx&m,s
7~
Case 1 - Very Lowg, Case2 - Low G,

/Gy

Shear Stx;ain,e
e — 2

Case 4 - Very High g,

Figure 4: Diagrammatic stress-strain curves for defects at
various levels of normal stress (Xu & de Freitas, 1990).

Case 3 - Moderate g,

Shearing and/or crushing of asperities is likely to have taken
place to some extent in all of the ten cases examined.
However, some rupture surfaces are still described as rough
and irregular, such as Dirinei and Scalate at low normal stress
levels (following Case 2 type behaviour, Figure 4). Other
slides have rupture surfaces coated with clay gouge or breccia,
such as Vaiont, La Cantera and possibly Bumper Gully at
relatively high normal stress levels (Case 3 or 4 type
behaviour). Table 3 contains details of average normal stress
levels, rupture surface infill and displacement characteristics
for each of the ten slides examined in this study.

The case with the highest normal stress level (Vaiont) has
long been recognised to have involved sliding on a rupture
surface that was at residual strength. The extent of earlier
shearing (from previous sliding and regional folding) and the
low UCS of the clayey limestone layers contributed to the
destruction of asperities and development of residual strength.
It is therefore expected that no further strength loss on the
rupture surface would have occurred and further displacement
behaviour would have been essentially ductile (Case 4 type
behaviour, Figure 4). The suddenness of the Vaiont failure
may be attributable to brittle failure within the fractured slide
mass rather than along the rupture surface. The geometry of
the rupture surface was such that internal deformation was
required for the slide to proceed. Hendron and Patton (1985)

-96-

in fact showed that results of stability analysis were Sensitiye
to values of internal friction angle. They also suggested that
there was strong three-dimensional control on the slide, Which
may have also contributed to the brittle collapse.

Table 3: Normal effective stress, rupture surface infil] and
general displacement behaviour.

Slide A(;:fe Iofill Gene.ral Displac.ement.
(MPa) Time Behaviour
Vaiont 34 Clay Smooth primary-
tertiary sequences
Malvaglia 1.1 Rock Long-term linear
Kostanjek 0.9 Clay | Not clear - likely long-
term linear
Kariba 0.8 Rock Linear but variable
with load change
Bumper 0.8 | Gouge/ | Smooth primary CH
Gully Breccia |  after initial quarrying
and lake filling
La Cantera 0.8 Clay Linear with jump due
to stabilisation works
Glen 0.6 Rock Long-term linear
Douglas
Revelstoke 0.4 Clay Stick-slip irregular
Dirinei 0.3 Rock Slightly irregular
Scalate 0.2 Rock Stick-slip irregular

3.23  Rupture Surface Properties and Geometry

A basic friction angle was determined for each rupture surface
by examination of direct shear test data (on smooth defects) in
published literature (Einstein and Dowding, 1989). The basic
friction angle is primarily a function of the rock type but is
also sensitive to normal stress levels. Where laboratory direct
shear test results on infill material was available these results
were adopted for basic friction angle where appropriate.

Many slides in this database have rupture surfaces with large-
scale irregularities that affect the overall stability of the slope-
An assessment has been made of the relevant field scale
asperity from descriptions of the rupture surface geometry ot
by analysis of the changes in vector displacement direction.
This asperity roughness is considered as a dilation angle (i)
which adds to the overall frictional resistance, and i
presented in Table 1. In the case of large slides with complex
rupture surfaces, the asperities seen at laboratory scale testing
are of little relevance. McMahon (1985) has suggested that
the relevant asperities are those that have a wavelength
measured over 2% of the length of the rupture surface. In
many cases this value served as a useful guide for assessment
of dilation angle. Some behaviour differences were noticed
from the data when comparing slides on undulose or irregular
surfaces with those on relatively planar surfaces. It was
assessed that degree of break-up of the slide mass i
significantly influenced by the irregularity of the rupture
surface. Vaiont, Dirinei, Malvaglia, Kariba, Glen Douglas and
Bumper Gully slides all show significant rock mass
disaggregation. These slides all occur on rupture surfaces with
higher dilation angle values.

SN ——
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Rock Mass Properties

tent of disaggregation of a slide mass is seen from the
be not only 2 function of rupture surface geometry, but
influenced by failure mechanism, amount of previous
and the rock mass strength. The extent of shearing
the rupture surface as a percentage of rock mass dilation
easured at Revelstoke, and is illustrated in Figure 3. It
served that basal shear accounted for about 40% of the
| observed deformation with rock mass dilation accounting
remainder. It was also observed in this particular case
ock mass dilation preceded shearing along the rupture
t is suggested that dilation may have been required in
to over-ride asperities. The internal friction angle (and
the rock mass strength) of the slide mass may be a
cant factor in the stability of the slope, particularly for
s on complex rupture surfaces (as illustrated by Vaiont).

he normal stress level at which crushing of asperities
mmences (and over-riding ceases) depends on the strength
f the rock. It is expected (although not readily observable
the data) that shearing and crushing along the rupture
will commence at lower stress levels for sliding on
marl than for fresh limestone. Similarly, slides in
hered gneiss may be expected to show yielding and
lopment of residual strength at lower normal stress levels
slides in fresh gneiss.

Extent of Previous Shearing

extent of previous shearing has been shown to be
ential in the deformation behaviour of these slides. Based
e amount of shear displacement many of the rupture
ces examined are at or close to residual strength. Slides
have undergone the greatest total displacement have a
ency for more regular deformation and the degree of
ip type behaviour is reduced on these slides. This is
related to progressive destruction of asperities on the
ture surface and development of residual strength.

- Cantera slide illustrates that disaggregation of the slide
ass can also occur on relatively planar rupture surfaces.
ggregation in this case is likely due to the large
displacement this slide has experienced.

© type of previous shearing (ie: stress relief, sliding or
glonal tectonic folding) does not appear to influence the
formation behaviour in any significant manner. It is
essed that the extent of shearing and the normal stress
: Vels at which that shearing occurred are of more influence.

4 CONCLUSIONS

“he displacement behaviour of a slide on a pre-sheared
ace has been shown to be predominantly controlled by:
the effective normal stress acting on the rupture surface;
Tupture surface properties and geometry;
% &xtent of previous shearing; and
E Tock mass properties of the overlying slide mass.

g:e first three factors listed above influence the extent of
+ -ugth reduction from peak towards residual strength and
MICe the degree of brittleness remaining on the rupture
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surface. The fourth factor influences the ability of the slide
mass to dilate and over-ride asperities on the rupture surface.
The development of residual strength on a rupture surface
with progressive shear displacement suggests that the
likelihood of sudden brittle failure is reduced. The ten cases
examined illustrate that stick-slip type motion is reduced with
increased displacement. However, Vaiont illustrates that other
factors (such as internal deformation) need to be considered
before assessment of brittleness can be made.

In contrast to first-time slides on rupture surfaces that have
not experienced shear displacement, slides on pre-sheared
surfaces are expected to have a reduced stick-slip tendency.
Slides on pre-sheared surfaces often show a high degree of
disaggregation and following from this they often show a
tendency for radial displacement behaviour.
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This paper presents a laboratory investigation into the utilisation of a New South Wales coal washery discard
) as an inexpensive and readily available material for reducing groundwater alkalinity in situ. It is part of a larger study

g the potential for Australian CWD to be used as a permeable reactive barrier material for the removal of various inorganic
ic contaminant species from groundwater. Batch test results indicate that both fine and coarse CWD can reduce the pH of
e contaminant solution from pH 11-12.5 to pH 8.5. The geochemical equilibrium model MINTEQAZ has been used to
in the identification of the major attenuation mechanisms. It appears that the kaolinite and siderite within the CWD are

|
INTRODUCTION

hery discard (CWD) is composed of high ash rock
as interbedded with, or was adjacent to, the coal prior to
jon. It is separated from the coal during the washing
| processing. Approximately 25 million tonnes of
re produced within New South Wales, Australia,

997-98. Since NSW has 7810 million tonnes of
rable coal reserves and is currently producing coal at
million tonnes per year, the production of coal and
Is likely to continue for many decades.

lary disposal option for CWD is surface or near-
mplacement (Wangen and Jones, 1984). This method
arge land areas and has the potential to result in
ater and groundwater contamination. Fluidised-bed
On is growing in application and is discussed by
d Kable (1984). It is therefore necessary to develop
ons for the environmentally sustainable disposal of
Ppaper is part of a larger study examining the use
n CWD as a permeable reactive barrier material
tu removal of inorganic and organic contaminants
Undwater. The use of a waste material in reactive

ikely to be cost-effective and reduces the demand
ment areas.

focuses on a laboratory investigation into the
on of alkaline groundwater at a blast furnace slag
aceément using coarse Illawarra CWD. The aim is
the neutrahsatlon process and identify the primary
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and relatively insoluble secondary minerals (aluminium and iron hydroxides) are being formed. This process is time-
t, and requires a higher residence time for contaminant solutions with a higher initial pH. Results indicate that CWD has
to be an economical and environmentally sustainable groundwater treatment material.

attenuation mechanisms. Geochemical modelling with
MINTEQA?2, developed at the U.S. Environmental Protection
Authority (Allison et al., 1991), has been performed to assist
in this investigation.

2 CONTAMINANT SOLUTION

The alkaline contaminant solution has been taken from a BFS
emplacement situated south of Wollongong, NSW, Australia.
Table 1 gives the chemical characteristics of this groundwater.
Column three of Table 1 lists some chemical characteristics of
a sample of this groundwater which has been treated with acid
to reduce the pH for purposes of this study.

It can be deduced from the data in Table 1 that the
groundwater is saturated or nearly saturated (depending upon
rainfall levels) with calcium hydroxide (Ca(OH),). This forms
from the dissolution of calcium oxide (CaO) in the BFS. Since
the emplacement is within a coastal marine aquifer, halite
(NaCl) also dominates the groundwater chemistry.

During high intensity rainfall, this alkaline plume flows into a
natural canal at the emplacement site and discharges into a
stormwater drain. The drain flows into Lake Illawarra, which
is a sensitive estuarine environment. In an attempt to prevent
the movement of high pH water into Lake Illawarra, the canal
has been filled with 6000 tonnes of local Illawarra coarse
CWD to act as a permeable reactive barrier. Refer to Gray et
al. (1999) for more detail regarding this CWD reactive
barrier.
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Table 1. Quality of the BFS groundwater.

Parameter Groundwater Sample
taken from treated with
emplacement acid
pH 12.70 11.14
conductivity (us/cm) 6870 1684
calcium (Ca) 450 100
magnesium (Mg) 0.93 0.35
sodium (Na) 370 &
potassium (K) 29 *
iron (Fe) 0.2 2.2
aluminium (Al) 0.6 1.3
manganese (Mn) 0.01 ¥
zinc (Zn) 0.26 *
alkalinity as CaCO, 486 82.5
chloride 300 *
sulphate 24.7 *

(all units mg/L except pH and conductivity)
* not measured

3 COAL WASHERY DISCARD PROPERTIES

The CWD used in these tests came from the South Bulli
Colliery, which is part of the NSW Illawarra/Southern
coalfield. Coal from this region is extracted from the Illawarra
Coal Measures (approximately 200 metres thick on average),
which is overlain by sandstones, shales and conglomerates and
underlain by basalts, shales and sandstones. The larger study
is also investigating the attenuation properties of CWD from
the other four coalfields throughout NSW (Newecastle, Hunter,
Western/Lithgow and Gunnedah) as well as from coalfields
throughout Queensland.

Several tests have been conducted on the Illawarra CWD
samples including particle size distribution, mineral content,
and leachate composition.

3.1 Particle Size Distribution

CWD is produced as either a coarse rock-like material or as
fine slurry (or tailings) depending on the processing
mechanism. Coarse reject usually contains particles of size
0.5-127 mm, and fine reject is composed of particles of size
<0.5 mm. According to McGlinn (1992), coarse reject can be
divided by size into ‘medium’ (0.5-12.7 mm) and ‘coarse’
(12.7-127 mm). This study focuses on the attenuation capacity
of coarse CWD since it is necessary that the reactive barrier is
highly permeable.

At the macroscopic level, coarse Illawarra CWD is composed
of carbonaceous shale and mudstone, sandstone fragments,
ironstone, sand-sized particles and a small proportion of fines.
Typical particle size distributions are given in Figure 1. On
average, this CWD is composed of approximately 84% gravel
and cobbles, 15.5% sand-sized particles and only 0.5%
silt/clay sized particles. Note that both coarse samples contain
a small amount of fines (about 4%).

- 100 -

—H i —*—Sample{ |
=T H

0.01 0.1 1 10 100
Particle size (mm)

Percent finer
8
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Figure 1. Particle size distribution for coarse Illawarra CWD,

Reactive barriers must be permeable to allow groundwater to
pass through them so that contaminants in the water can react
with the media within the barrier. However, if the hydraulic
conductivity of the barrier is too high, the residence time may
be insufficient. Of course, if the hydraulic conductivity is tog
low, then the groundwater may flow around the barrier.
Column testing (described by Shackelford, 1994) will be used
to investigate the relationship between contact time and pH
reduction.

3.2 Mineral Content

X-ray diffraction analysis was used to identify the mineral
phases present in the CWD. Each analysis identified quartz
(8i0,), kaolinite (ALSi,05(0H),), siderite (FeCO;), calcite
(CaCO;) and illite (KAI(Si;A10,0)(OH),) as the major
mineral components of CWD. As shown by Figure 1, most of
these minerals are within gravel-sized particles. Unlike the
CWD produced in many other areas of the world, Illawarra
CWD contains very small quantities of acid producing pyrite.
According to Ward (1980), siderite forms in coals and other
organic sediments that do not contain pyrite, due to the lack of
sulphur compounds.

Short et al. (1998) has also studied CWD from the South Bulli
Colliery, and the mineral composition of CWD according to
this study is given in Table 2.

Table 2. Mineralogy of South Bulli CWD (adapted from Short
etal., 1998)

Mineral % by mass
Quartz 25
Clay minerals (kaolinite, 35
illites, chlorites)
Siderite 5-10
Calcite 2
Carbon/fine coal 20-30

CWD has the potential to remove various organic and
inorganic species from groundwater. Its high carbon content
may make it a viable option for the treatment of harmful
organic species such as phenol, benzene and toluene. In
addition, the clay minerals may remove trace heavy metals
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ter via cation exchange processes, while the
ovide a neutralisation capacity.

of pH is achieved by the interaction of the
ution with the mineral species present. Several
~ examined the leaching behaviour of CWD,
ard (1980), Kerth and Wiggering (1990) and
). In each of these studies, soluble components
d from the CWD using an acidic solution.

+a CWD is subject to a standard leaching test, a
;H 8.5-9.5 is produced. According to McGlinn
and magnesium are the major cations in this
ion. Iron and aluminium are present in lower
It is most likely that this pH rise is due to
ution of the carbonates calcite (CaCO;) and
;). Since dolomite ((Ca,Mg)COs;) was not
X-ray diffraction, it is most likely that the
resent in the leachate is derived from a
ing siderite (McGlinn, 1992).

e assumed that these CWD minerals will behave in
under highly alkaline conditions. Indeed, one
at most of the minerals would be much less
exposed to the BFS leachate.

BORATORY TESTING

d method could be found for measuring the
1 capacity of the Illawarra CWD. Hence, the
ethod for a short-term batch test, ASTM D 4319-
1997), was used. Conventional batch tests are
an adsorption isotherm for a contaminant/soil
This method assumes that contaminant
m all other reactions - precipitation and
tion - is negligible. In this case, it is
sume that any pH reduction is due to reactions
ulticontaminant solution and aqueous species
the CWD. Ion exchange and adsorption
y be taking place, however these are likely to
Impact on solution pH than mineral dissolution.

arse Illawarra CWD was first dried in the oven
sstructural moisture and then crushed to a
cle size of about 10 mm for small-scale
g purposes. A portion of the crushed coarse
Passed through a 500 pm sieve to obtain a
€ject (<0.5 mm). For both the coarse and fine
10 ¢, 20 g and 25 ¢ samples were combined
IL14 multicontaminant BFS groundwater
1) in a solution volume (mL) to CWD mass
The BFS groundwater was treated with acid
the calcium ion selective electrode used for
alcium monitoring. Each reaction flask was
‘ aboratory shaker for 6 hours for every 3 day
Sontact period. The contact period ranged from
5. At the end of each contact period, the
. °cParated from the solid phase and filtered
g for pH, conductivity, calcium, magnesium,

B

iron, aluminium, alkalinity and carbonate using the
appropriate standard analytical method described in APHA
(1985).

In addition, to assist in the identification of the major
attenuation mechanisms, 20 g samples of oven-dried quartz
sand, oven-dried kaolinite clay, pure calcite and coarse CWD
were combined with the pH 12.59 contaminant solution
(Table 1). Siderite is not available in pure form, and therefore
could not be included in this test. The standard method
procedure was used to monitor any pH change over time.

5 BATCH TEST RESULTS

Figure 2 compares the pH reduction over time for the 5 g, 10
g, 20 g and 25 g coarse CWD samples. In each case, the pH
reduces to about 8.3 - 8.8 after three days and converges to
8.5 after 13 days. This similar pH reduction pattern is due to
the contaminant solution to CWD ratio being the same in each
case.

——5¢g

—#-10g
—+—20g
——-25¢g

0 2 4 6 8 10 12
Contact time (days)

Figure 2. pH reduction for coarse CWD samples.

The pH reduction over time for a 20 g coarse CWD sample
and a 20 g fine CWD sample is given in Figure 3. Coarse and
fine CWD have a similar pH reduction pattern. Note,
however, that the reduction rate is greater for the fine CWD
during the first few days. This is most likely due to the greater
surface area within the fine sample and the greater initial
mineral dissolution. Over time, an equilibrium pH of about
8.5 isreached in each case.

12
1
10
- —— Coarse |
s 91 |
8 —&— Fine
7

0 2 4 6 8 10 12
Contact time (days)

Figure 3. pH reduction for 20 g samples.
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Other groundwater quality parameters were monitored in The equilibrium geochemistry model MINTEQA?2 has been
addition to pH (Table 3). Again, it is necessary to show the used to aid in the identification of the major attenuation
changes for only one CWD mass. mechanisms.
Table 3. Changes in contaminant solution chemistry for 20 g 6.1 Hydroxide Formation
CWD samples.
The primary mechanism which leads to this PH reductiop is
Analyte | Initial Coarse CWD Fine CWD most likely to be the dissolution of siderite and kaolinite from
Level { 3d | 8d [ 13d | 3d | 8d | 13d the CWD and the formation of secondary minerals: ferrous
PH [ 11.14 | 849 | 855 | 854 | 841 | 857 | 86 hydroxide (Fe(OH),), ferric hydroxide (Fe(OH);) ang
cond | 168 | 1708 | 17es | 1877 | 1752 | 1280 | 1ass alummxgm hydroglc}e (AI(OH?3) precipitates. The formatigy
(Siem) of the. iron precnplta.te's is given by.(l)' and (2) and the
cos> | 128 . - s 5 = " formation of the aluminium precipitate is given by (3) and (),
HCOy - 7014 | 8857 | 102 | 7328 | 94.78 | 103.3 Ferrous hydroxide is readily oxidised in air to form ferric
ca? 100 | 30.43 | 4413 | 20.42 | 47.61 | 55.01 | 66.67 hyd_r(.)xide. Unfortunately, ferric hydroxide tends to have
Mg2* 035 | 206 | 232 | 213 | 395 | 463 | 4965 positive total net surface charge and. often coats the negatively
Fe2* 29 145 | 177 | 059 | 095 | 033 | 0.49 charged sgrfaces- of many §01l particles (fryar :jmd Schwartz,
AP 55 174 | 074 | 103 | 27 133 | 0.81 1994). This coating may hinder further dissolution of siderits
and could also reduce the hydraulic conductivity of a reactive
(all units mg/L except pH and conductivity) barrier.
As shown in Table 3, electrical conductivity increases over 24 2
time for both the fine and coarse samples. Tt}}llis indicates that FeCOxap + Ca(O oy = Fe(OH)yy + Ca™ +C0;
minerals within the CWD are gradually dissolving in the 1)
alkaline environment. In each case, there is a net increase over
time in magnesium, and a net decrease in calcium, iron and 2FeCOxq) + 3Ca(0H)2(aq) & 2Fe(OH)3(S) +2¢ +
aluminium. 5y A
3Ca™™ +2C03
The pH reductions resulting from combining the pH 12.59 )
contaminant solution with individual CWD minerals are given
inF iggre 4. Thi§ data clearly shows that the pH rec.iuctiog with Al Si,0s(0 }[)4@) F6H S 24P +2 H4SiOuugy+ Hy0
kaolinite alone is much greater than the pH reduction with the
other minerals alone and with the CWD. Note also how the ©)
reduction in pH with the CWD sample is slower than that
observed for the pH 11.14 contaminant solution. The pH has 245" +3Ca(OH )2ag) & 241(OH )as F 3Ca*
only reduced to 9.7 after 11 days of contact. These results will ' )
be explained in the following section.
This attenuation mechanism can also explain the changes in
solution chemistry shown in Table 3. The consistent increase
in magnesium can be attributed to the dissolution of a
magnesium-bearing siderite. Magnesium does not form a
hydroxide since Mg(OH), is considerably more soluble than
—— Coarse OD the aluminium and iron hydroxides. The level of calcium
—8—Srd reduces due to additional carbonate ions entering into solution
—&— Kadlirite from the dissolution of siderite and the resulting precipitation
—e—Cidte of calcite. In addition, there is a net decrease in aluminium
and iron due to the formation of the hydroxides. Since the
concentrations of most of the measured species are
decreasing, the increase in solution conductivity implies that
6 " 4 i T ' other unmeasured species are entering into solution.
0 2 4 6 8 10 12
Contectfime (cys) Results from X-ray diffraction analysis confirm that the
formation of the aluminium and iron precipitates is the most
Figure 4. pH reduction for individual minerals. likely attenuation mechanism. A significant drop in the
intensity at 26 = 12.33 and 24.84 (kaolinite peaks) and 26 =
6 ATTENUATION MECHANISMS 32.05 (siderite peak) was observed for the coarse Illawarra
CWD after 11 days batch testing. In addition, a significant
The results from these laboratory batch tests show that CWD drop in the intensity at the kaolinite peaks was also observed
can reduce the pH of alkaline groundwater. This pH reduction for the kaolinite clay after 11 days batch testing. This
is caused by the interaction between certain minerals within indicates that the kaolinite and siderite are partially dissolving
the CWD and the alkaline species in the BFS groundwater. and releasing AI** and Fe®+ ions that are able to react with the
-102-
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It should be noted at this stage that although the
dissolution of siderite and kaolinite is favoured by acidic
conditions, dissolution at pH 11-12.5 is sufficient to remove
most of the hydroxide from solution. Kau et al. (1996) reports
that kaolinite dissolution and the release of AI’* ions is least at
approximately pH 7 and increases marginally under basic

conditions.

QH’ ions.

This attenuation mechanism has been simulated using
MINTEQAZ. The model incorporates the initial
concentrations of various species within the BFS groundwater
and the mineral phases added when the contaminant solution
is mixed with the CWD. It was assumed that the CWD is 15%
Kaolinite and 10% siderite by mass, as given in Table 2. In
this way, a 20 g sample in 80 mL of solution contains 0.2
mol/L kaolinite and 0.216 mol/L siderite. The MINTEQA2
output is summarised in Table 4.

Table 4. MINTEQA?2 output at equilibrium.

Parameter MINTEQA2
output
8.28
0.1999 mol/L
0.2016 mol/L

5.9%10™ mol/L

equilibrium pH
kaolinite
siderite
aluminium hydroxides/oxides
formed (gibbsite, diaspore)
iron hydroxides/oxides
formed (wustite, ferrihydrite)

1.4x10"2 mol/L

The predicted pH reduction using MINTEQA?2 is reasonably
close to the actual reductions measured for the pH 11.14
contaminant solution (Figure 2 and Figure 3). However, it is
substantially lower than the pH recorded after 11 days contact
between the pH 12.59 contaminant solution and the coarse
lllawarra CWD (Figure 4). Since MINTEQAZ2 is an
equilibrium model, it does not incorporate reaction kinetics.
Rather, it assumes that all reactions proceed instantaneously.
In this case, the dissolution of kaolinite and siderite is slower
at higher initial pH, resulting in a slower pH reduction.
Although the pH for the CWD sample in Figure 4 will
eventually converge to about pH 8.3-8.5, it takes longer than
the samples in Figure 2 and Figure 3.

Note also from Table 4 that the dissolution of siderite is
greater than the dissolution of kaolinite, and the formation of
_iron hydroxides is far greater than that for aluminium.
Therefore, based on the MINTEQA?2 output, the formation of
iron hydroxides is the dominant pH reduction mechanism
when a sample contains both siderite and kaolinite. This could
be explained by the fact that ferric hydroxide is more
insoluble than aluminium hydroxide. However, this result
seems to contradict the data in Figure 4 that shows how
kaolinite alone provides a greater pH reduction than kaolinite
and siderite combined. This will require further investigation.

6.2 Silica Dissolution

Another attenuation mechanism that has been considered is
silica dissolution. The dissolution of silica is favoured by
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alkaline conditions, and results in the generation of H' as
shown by (5).

SiOys)+2H> 0 © H4SiO4ag) (5)
Short et al. (1998) believes that the dissolution of silica can
have a neutralising effect on alkaline solutions. However,
Figure 4 indicates that the process in (5) is very slow and has
only a very small impact on solution pH within the first 11
days of contact. MINTEQA? predicts that the pH will reduce
from 12.5 to 10.33 when silica interacts with the alkaline
solution. However, recall that MINTEQA?2 assumes that all
reactions proceed to completion instantaneously. Therefore,
although the pH may eventually reach 10.33, this may take
weeks or months in the laboratory.

Since the CWD is to be used as a reactive barrier material,
contact time is limited and may become particularly low
during times of high rainfall. Hence, although silica can
theoretically reduce the pH of an alkaline solution in the long
term, it would not necessarily be the dominant pH reduction
mechanism within a reactive barrier.

7 CONCLUSIONS AND RECOMMENDATIONS
The development of new utilisation options for CWD is a
growing area since millions of tonnes of this waste rock
material will continue to be produced annually within New
South Wales. This paper is part of a larger study investigating
the potential for CWD to be used as a permeable reactive
barrier material for the in situ removal of various organic and
inorganic contaminant species from groundwater.

In this paper, the neutralisation capacity of coarse Illawarra
CWD has been examined. Based on a laboratory batch testing
programme, it appears that CWD is capable of reducing the
pH of highly alkaline groundwater saturated with Ca(OH),.
An equilibrium pH of about 8.5 was reached within about
three days for both the fine and coarse CWD samples when
the initial contaminant solution pH was 11.14. However, when
the CWD was combined with the pH 12.59 contaminant
solution, the pH had reduced to only 9.7 after 11 days of
contact.

It appears that the primary mechanism reducing the pH is the
dissolution of kaolinite and siderite from the CWD and the
formation of aluminium and iron hydroxides. X-ray diffraction
analyses highlight this gradual dissolution in kaolinite and
siderite during batch testing. The MINTEQA2 geochemical
model has been used to simulate this process. Based on this
model, the equilibrium pH is about 8.2-8.3 regardless of the
initial contaminant solution pH. This value is similar to the
final pH measured in the laboratory for the pH 11.14 solution
since it had already reached equilibrium. However, due to the
slower dissolution of kaolinite and siderite in higher pH, the
pH of the 12.59 contaminant solution had not reached this
equilibrium level after 11 days. This means that the hydraulic
conductivity of a CWD reactive barrier must be optimised so
that the residence time is sufficient to neutralise the highest
pH to be expected in the field.
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Silica dissolution was found to be negligible, despite the
alkaline conditions. Although silica may theoretically dissolve
in the long term to produce an acidic solution, contact times
are limited within a reactive barrier. Therefore, the
contribution by silica to the total pH reduction would be
negligible.
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DETERMINATION OF FIELD STRESS RATIO AND
YOUNG'S MODULUS USING THE UNDER EXCAVATION
TECHNIQUE

Hole, J.A.; Geotechnical Engineer; Pells Sullivan Meynink Pty Ltd;
Suite 11, 10 East Parade, Eastwood NSW 2122.

ABSTRACT

The under-excavation technique (UET) is a simple method of assessing the Field Stress Ratio (k) and Young’s Modulus (E)
of a rock mass from its response to an advancing excavation. The key to this method is that a hole in an elastic medium
under stress will have a unique convergence signature which can be measured. The advantages of this method are its
simplicity, low cost, utility, applicability to excavations of irregular dimensions, is non-invasive and views the rock mass at
a suitably large scale. Further, it can be applied to any excavation in relatively homogeneous material , being particularly
suited to tunnels and shafts.

This paper (1) outlines the theoretical background for the UET, (2) explains a practical and simple way to apply it, and (3)
offers the case study of the Eastern Distributor Tunnel where it has been successfully applied.

1. INTRODUCTION 2 THEORETICAL BACKGROUND
For thousands of years humans have been developing In 1898 Kirsch published one of the first closed form
underground space, largely in the pursuit of minerals. solutions describing the relationship between stresses and
With growing pressure on today’s crowed cities, there is strains around an excavation in a homogeneous elastic
an increased push towards the development of medium. The Kirsch Solution has become the basis for
underground space for civil engineering applications. numerous methods for assessing the behaviour of a hole in
This push has resulted in the development of new and the a media, including the UET.
refinement of old design and monitoring tools. The
Underground Excavation Technique (UET) is one such The mathematical derivation of the Kirsch Solution is
tool. beyond the scope of this paper, and no attempt is made to

reproduce it here. Rather, this paper limits itself to the
Techniques for analysing a rock mass’s response to an principles of the UET. Readers seeking a more complete
advancing excavation are not new (Pells et al, 1981), coverage of the Kirsch Solution are referred to standard
however until the development of numerical analysis texts on the subject - Love (1927) and Jaeger & Cook
software they were limited to tunnels of regular profile. (1971).
With increasingly available and simple to use numerical
modelling software, it is now relatively simple to estimate The Kirsch Solution for radial displacements at the surface
the geometric influence an excavation has on sidewall a circular excavation in an infinite homogeneous isotropic
convergence. linear elastic medium (plain strain) can be represented as:

2

From a practical view point, the UET allows the continual u= (l—vldp[% (1 EP %) 4 (1 - %) cOoS 9] Eqn 1
assessment of insitu stresses in a rock mass to be during E

the excavation phase of a project, providing a useful tool

to assist in the design of excavation support and an aid to

recognise zones of abnormal ground conditions. It also where:

allows a check to be made on insitu stress measurements

that may have been made during the investigation phase radial displacement of a point on the perimeter of

of a project. the hole;
field stress at the level of the hole;

diameter of circular hole;

=1
I

[aWe}
1
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E= Young’s modulus (elastic parameter);
v = Poisson’s ratio (elastic parameter);
6= angle from the x axis to the point on the perimeter

of the hole being considered; and
k= stress ratio (typically horizontal stress divided by
vertical stress).

Figure 1 shows the geometric relationship between the
parameters of eqn 1.

e Yy —_—
— —
— Y g
kP,
A
— X —>
d
— _—
“~ —
o —
T

k=P
P3

FIG 1: Circular Hole in an Infinite Elastic Medium.

The UET is based on the principle that for each
independent displacement vector that can be measured
one of the independent material property variables
described by the Kirsch Solution can be calculated. The
remainder of the variables must either be assessed using
testing procedures or estimated. As two displacement
Vectors in most excavations can be effectively measured
(sidewall convergence and crown sag for tunmels and
sidewall convergence in two planes for basements and
shafts) three parameters must be known. It should also be
noted that in some cases displacement vectors can only be
measured in one plane, the consequence being that an
additional parameter must be determined through testing
or assumed.

Of the five parameters presented in the Kirsch Solution,
two can be simply accounted for: the geometry of the
excavation; and the Poisson’s ratio (v), which can usually
be assessed by laboratory testing or estimated from
comparison with published values for similar materials.
The results of the UET are also relatively insensitive to v
because of its limited range for most rocks (0.15 t0 0.3).

For tunnels a third parameter, vertical stress, can be
estimated based on the thickness and density of the
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overburden. This leaves the field stress ratio (k) ang
Young’s modulus (E) to be determined.

If a material property has to be tested for or assumed it j
usually E as there are laboratory techniques that can 4, it
albeit with some difficulty, and there are published Tangeg
of E for most rock types.

The Kirsch Solution in its original form has limiteq
application in civil and mining engineering because of its
geometric constraints. However, a simplified form of it
referred to as the “Lame Solution” in Pells et a] (1981)
does. The Lame solution combines the geometric term,
presented in the square brackets in eqn 1, into a single
“displacement influence factor”(I;), giving:

1_ 2

a-v,
E

where: I; = nk

0= pd Eqn2

The displacement influence factor is unique for each
location on the excavation perimeter. Often for tunnels of
regular geometry this can be assessed using a closed form
solution, however for tunnels of irregular geometry or
foundation excavations this is not possible.

Instead, a numerical model is used to estimate I;. More
specifically, it estimates the change in the convergence
under a range of each subject variable. The results of this
model can usually be simplified to a linear relationship for
each of the monitored axes of convergence, viz:

6, =(a+bk)E Eqn 3.
&, =(c+dk)E Eqn 4

Equations 3 and 4 can be solved simultaneously or
graphically, with the point of commonality being the
unique convergence signature for a particular point on a
given excavation. This is perhaps most easily understood
by looking at the example in section 5 and its results
presented by Figure 7.

In order to apply the above theory to practice a number of
simplifying assumptions need to be made. These
assumptions can be divided into two groups: general
assumptions and model specific assumptions. These
assumptions and the errors that they introduce are as
follows.
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~ General Assumptions

1. Faulty readings - poor monitoring results may be
hard to distinguish from real results.

2. Discontinuity affected readings - where local in-
elastic displacement has occurred due to
discontinuities.

Pre-monitoring convergence - CONVergence

occurs prior to the installation of monitoring
apparatus. This is considered further in the
following section.

8 Numerical modelling - does not produce exact
solutions.
.5_ Isotropy - many rock masses do not behave
isotropically.
6. Liner influence - the influence on convergence

of liners and supports can be difficult to assess.
B Temperature - assumed to be constant (minor).
Model Specific Assumptions

R Homogeneous medium - only a single value for
the Young’s modulus is accepted.

2. Elastic medium - plastic behaviour is not
modelled.

It should be noted that some numerical models can
~ accommodate in-homogeneous and plastic behaviour,
- UDEC being one example.

s, PRE-MONITORING CORRECTION

~ A certain amount of displacement occurs prior to the
installation of monitoring points. Indeed, some converge
occurs in front of the excavation face. As such, a
- comrection must be made to the monitored convergence to
- account for pre-monitoring convergence. This can be
achieved using a Boundary Integral Element Model
- (BIEM).

4 The theoretical background for the BIEM is essentially
the same as discussed in section2. A 3-D model is
Produced of the excavation extending some way into the
fock mass. From this model it is possible to estimate the
 total convergence experienced at any distance back from
the face. It should be noted however that this relies on an
estimate being made for E, v and k. The first runs of the
' BIEM model are likely to be inaccurate because of the

assumed parameters, however, these parameters can be
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improved by using the results of the UET in an iterative
manner until such time as the two match. An example of a
BIEM model is presented in Section 5.

As a first pass it is reasonable to estimate the pre-
monitoring convergence from published solutions, such as
those by Brady & Brown (1985). It should be noted that
when using these solutions no account is taken of the
specific geometry of the tunnel or the material properties
of the rock mass. As such, for tunnels of geometry that
considerably differs from circular or for highly
heterogeneous stress fields, these solutions can be
misleading. Figure 2, which was taken from Brady &
Brown (1985), shows the radial displacement of a circular
tunnel in a hydrostatic stress field.

radial displacement, &

Praec i WA

pari

_ggg) Lol
FIG 2: Proportion of Radial Displacement Experienced
in Relation to Face Advance (Brady & Brown, 1985)

As shown by Figure 2 and concluded by Hocking (1976)
“80% of the vertical elastic displacement of the crown of a
tunnel will occur within 0.75 radii from the face”. While
the amount of convergence within the first radii of a
tunnel will vary depending on its profile, the importance
of having monitoring records from as close to the face as
possible is clear.

4. PRACTICAL APPLICATION
4.1 Fields of Application

Strictly speaking the theory on which the UET is based is
only valid for homogeneous isotropic linear elastic
mediums, a situation not found in nature. However, in
practice it can be applied to any rock environment where
either the elastic component of deformation is
significantly greater than the plastic component or the
amount of plastic deformation is known. The former
includes most hard rock environments and thus the UET
can be expected to work reasonably well provided
significant stress induced fracturing does not occur around
the excavation.

The more displacement vectors measured the larger the
redundancy in the Kirsch Solution and the greater the
confidence in the answers from the UET. As such the
UET is best suited to tunnels because convergence can be
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measured along two planes, and the magnitude of one of
the stresses (vertical stress) can be calculated. This gives
two independent convergence signatures which can be
used to back-calculate E and k. The UET can still be
used for vertical excavations (shafts and foundations), but
the magnitude of one of the horizontal stresses or E has to
be estimated.

4.2 Numerical Modelling

The role of numerical modelling is to ascertain a suitable
I; and to develop the BIEM. This can be achieved with a
variety of numerical techniques. As there are ample
examples of easy to use software that can be used for
such modelling in the market place today no further
discussion is given to it here.

4.3 Instrumentation

43.1 Location

A significant advantage of the UET is that it can utilise
the same suite of monitoring points that are included in
most conventional excavations. Typically in tunnels this
includes sidewall convergence monitoring and crown sag
monitoring. However, any monitoring arrangement is
acceptable, with the better result being achieved the
closer the measured displacement vectors are to the
principal stress planes.

4.3.2  Type of Monitoring Apparatus

The type of monitoring apparatus required depends on the
precision required. The regularly employed convergence
measuring equipment can be divided into three
categories, viz:

e Borehole extensometers: measure the movements of
both the perimeter of the excavation as well as the
differential movements of the rock mass surrounding
the excavation. Because they can be measured
remotely and their accuracy they are the most
attractive monitoring option, sadly they are also the
most expensive (accuracy +0.01mm).

e Direct measurements: the distance between two
points on the excavation perimeter can be assessed
directly using tape convergence measurements. The
results of this method are typically accurate enough
for the UET, however there can be some difficulty in
recording measurements as they must be taken across
the face of the excavation (accuracy to +0.1mm).

e Surveying: total station surveying has limited

application in collecting data for the UET because of
its relatively poor accuracy (accuracy to +1.0mm).
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S. CASE STUDY - EASTERN DISTRIBUTOR. 3
TUNNEL i

5.1 General

The Eastern Distributor Tunnel is a double-decker

tunnel in Sydney’s eastern suburbs. It forms the backh
of a road link that connects the Sydney Harbour Tunn
the north with the Kingsford Smith Internationa] Aimo,
in the South. The tunnel is approximately 1.7km in le
and carries 3 lanes of traffic in each direction ap,
excavated almost exclusively in slightly weath
Hawkesbury Sandstone (Bertuzzi & Justice, 1999). e
tunnel is complicated by a series of on-load/off-Joaq
ramps that result in a continually changing profile, witha
maximum unsupported span of 22m. The crown of the
tunnel is not greater than 35m below the ground surface
and the tunnel is typically 12m high. :

The Eastern Distributor Tunnel was well suited to the
UET for the following reasons: :

° the low stress environment meant that the
Hawkesbury Sandstone would behave in a
pseudo-elastic manner, as has been shown by
monitoring of other excavations in Sydney;

B the low insitu stress due to the shallow depth of
the tunnel made conventional stress assessment
methods (over coring, flat jacking and hydraulic

fracturing) unreliable;

° access from both within the tunnel and from the
surface for conventional stress measurements was
limited;

o the changing ground conditions due to faulting

and varying tunnel depths required a large suite
of stress measurements to account for the !
changing ground conditions for which the costof
conventional methods was prohibitive; and

° an extensive array of monitoring stations was
installed for tunnel observations as part of the
excavation contracts.

An additional advantage for the application of the UET at
the Eastern Distributor was that the Young’s modulus for
Class I/Il Hawkesbury Sandstone is generally accepted t0
be between 1500 and 2500MPa.

5.2 Monitoring Array
The monitoring used for the UET consisted of crown $28 1
and sidewall convergence at 50 to 100m internals-



Dot

ionals Confe

. House & Watson (eds), February 2000, Perth, A

: Proc. Fourth Australia New Zealand Young Geotechnical P

shows the typical tunnel cross section and

OT10 g aHaY'

Taylor Square

Borehole extensometer
| station monitoring point
CTofo ng

\

| { Northbound main tunnel
& |_— Tope |extensometer
e Southbound main tunnel

I 14t0 22m ‘

Typical Tunnel Cross Section with Monitoring
Array

,. Is Numerical Model

umerical model to assess the convergence signature
tunnel was developed using Phase?, a finite element
from the Rock Engineering Group, University of

The model incorporated three stages: 1)
of insitu stresses; (2) excavation of the north
d tunnel; and (3) excavation of the south bound
1. An eight node finite element mesh was used with
spacing reduced to not greater than 200mm at the
eter of the tunnel. Figure 4 shows the output of the
| after complete tunnel excavation for a 13m span
jon of the tunnel.

: Total Displacement Contours from I; Model

model was run for a series of E and k. The results
hich were plotted to obtain a graphical solution for
k for varying sidewall and crown convergence. An
> of this is presented as Figure 7 with the
g results plotted onto it.
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5.4 BIEM

A three dimensional BIEM was developed to estimate the
pre-monitoring convergence, as discussed in Section 3.
This was conducted using Examine 3D, a boundary
element numerical package from the Rock Engineering
Group, University of Toronto. A cross section of the
displacement output of the model is presented as Figure 5
and the results are summarised by Figure 6.

FIG 5: BIEM Model - Assessment of the Convergence
Prior to Convergence Monitoring.
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FIG 6: Summary of BIEM Results

5.5 Fault Zone

The 13m span of the tunnel modelled as part of this study
passed through the Woolloomolloo Fault Zone (WFZ), as
described in Bertuzzi & Justice (1998). The WFZ is 2
reverse fault with throw of up to about 6m. Significant
strike slip movement is though to also be associated with
the faulting action; however, there is little evidence to
definitively support this postulation.

As part of the investigation phase of the project hydro-
fracture testing was conducted in a single borehole that
intersected the WFZ. The results of this testing indicated
a k of 2 to 6, with the higher values recorded towards that
base of the borehole which was approximately at the level
of the tunnel crown.
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5.6 Results

The sidewall convergence and crown sag results,
corrected for pre-monitoring convergence, have been
plotted on the graphical solution for E and k which was
developed using the numerical model described in section
5.3. This is presented as Figure 7.

The sag results varied from the crown rising by 6mm to it
lowering by 7mm. There was no apparent pattern to these
results that was discernible by the author through the
noise introduced by the inaccuracy of total station
surveying. As such, the sag monitoring data had to be
discarded for the purposes of assessing k.

To establish k it was necessary to assume a value for E.
For Class I/Il Hawkesbury Sandstone this is generally
accepted to be between 1500 and 2500MPa and typically
about 2000MPa (Pells, Mostyn & Walker, 1998). The
sensitivity of the prediction of k to this assumption can be
seen at Figure 7.
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Horizontal Stress / Vertical Stress (K)
Fig7  Stress Regime versus Sag and Horizontal

Convergence with Monitoring Results

The results for the 12 sidewall convergence monitoring
points recognised two discrete stress regimes; one for the
general rock mass, and the other for the fault zone. The
stress ratios for these two areas are summarised by
Table 5.1.

Table 5.1
Summary of Assessed Stress Regime
AREA STRESS RATIO (k)
RANGE MEAN
General rock mass 1.1t0 2.0 1.6
Fault zones 1.8t04.0 2.8
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Given the structural complexity associated with fayjg
these results compare favourably with those obtained fr"n; .
the hydro-fracture testing which predicted a range of k
from 2 to 6. No tests of the stress regime was conducteq
for the areas outside the fault affected area.

6. CONCLUSIONS

The UET is a simple, low cost, non invasive technique of
assessing the Young’s Modulus (E) and stress ratio (k) of
a rock mass. Its advantage lies in that it can employ the
monitoring array used in most civil engineering
excavations, including borehole extensometers and tape
convergence measurements. The key to its successfully
application is to consider it at the planning stage of 3
project so that the monitoring array can be developed so ag
to be applicable to it.

The UET has it limitations, as do all insitu stresg
measurement techniques, however its advantages well
outweigh them. There is no doubt that the UET will
become an increasingly popular tool for both the design
and analysis of civil excavations.

Summary of the UET process:

1. Convergence signature model,

2 BIEM Model to assess pre-monitoring
convergence,

3. Install and monitor convergence vectors,

4. Correct convergence results for pre-monitoring
convergence using BIEM,

5. Estimate E and k from convergence signature
model,

6. Repeat steps 1 to 5 iteratively to correct for
model errors in E and k,

7. Check E and k against results from stress test

and/or values suggested by other investigations in
the same or similar rock types and stress
environments.
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Use of the Acoustic Scanner for Geotechnical Investigations

Paul Horrey

Riddolls & Grocott Ltd.
Christchurch, New Zealand

SUMMARY

The acoustic scanner (or acoustic televiewer) is a geophysical tool capable of providing oriented acoustic images of a
drillhole wall. It is being increasingly used in geotechnical investigations to determine the orientation of rock mass
defects. Acoustic scanning was recently carried out at Roxburgh Dam, New Zealand, where two 60 m deep cored holes
were drilled in schist rock. The holes were scanned and the data processed using proprietary software. A detailed
comparison was made between the drill core and scanner images. The images produced clearly showed the major rock
mass defects present, enabling their true dip, azimuth, and approximate thickness to be determined. Acoustic scanning
was subsequently used at the site to rapidly and cost effectively determine the presence and orientation of defects in 37
non-cored foundation drainholes.

Acoustic scanning has considerable potential for use on geotechnical projects where defect orientation is a prime
objective. It may be used in conjunction with core drilling to provide high quality geotechnical data and with non-core
drilling to provide cost effective spatial coverage or data “infill” between cored holes. In some situations the scanner
may also be used to estimate in situ stress orientations from analysis of drillhole breakout.

1. INTRODUCTION

open joints, voids, caving and breakout to be
determined. As the tool traverses the drillhole a

Acoustic scanning is a relatively new technique for continuous helical scan is formed. The basic operation
obtaining in situ geotechnical information from of the tool is shown in Figure 1.

acoustic images of a drillhole wall. This paper

introduces the technique and presents an example of its To wireline winch and

use in schist terrain at Roxburgh Dam in New ek e

Zealand’s South Island. This is followed by a more

aeneral discussion of the geotechnical applications and
practical limitations of the scanner based on the
author’s experience at Roxburgh and several other =
sites. $ |~ Too! centralisers
Magnetometers and L
2. THE ACOUSTIC SCANNER e ~
A~ Geological defect
The acoustic scanner (also known as the acoustic
televiewer) is a wireline geophysical tool incorporating y
a rapidly rotating transducer, which emits short bursts ,75:&
of sound energy'. Originally developed for the
petroleum industry, the scannmer is now used Fiuid filled Drillhole | Rotating acoustic
increasingly in geotechnical investigations. \ | i ts0 pom)
g =05
Each acoustic pulse is reflected off the borehole wall \/O

and its amplitude and travel time recorded as it returns
to the tool. The amplitude (or strength) of the reflected
signal provides an indication of the reflective
properties of the wall rock. which in turn can be related
to the strength and hardness of the rock. Defects
containing crushed rock or gouge that is softer than the
surrounding rock are thus readily identified, as are
boundaries between lithologies of contrasting strength.
The acoustic travel time. when suitably corrected for
the sonic velocity of the drillhole fluid, provides a
measure of the drillhole diameter, thereby allowing

Figure 1: Operation of the acoustic scanner

The three dimensional orientation of the tool is
recorded by a series of on-board magnetometers and
accelerometers. In this manner the tool always knows
exactly where it is in relation to the base of the hole.
The amplitude and travel time data may therefore be
imaged and presented in their correct orientations for
later computer-based interpretation.
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Data interpretation is carried out using various
proprietary  software packages, which allow the
orientation (dip, dip direction) to be determined for
each identified defect. The amplitude and travel time
data are “imaged” using a gradational colour palette.

Interpretation is carried out on ‘“unwrapped” 360°
displays of the imaged drillhole wall. Planar features
encountered in the drillhole appear as sinusoidal traces.
A “best fit” sine curve is manually fitted to each defect
trace and the orientation automatically calculated. The
interpretation software also allows defect orientations
to be exported as ASCII files for tabulation and
presentation using stereoplotting software.

3. CASE STUDY- ROXBURGH DAM
3.1 Background

Roxburgh Dam is a concrete gravity structure located
on the Clutha River in New Zealand’s South Island.
The dam has an annual power output of 320 MW from
8 turbines and was completed in 1956. Although
comprehensive  as-built geological logs of the
foundation exposure were made, further information on
the engineering geology of the schist rock on which the
dam is founded was recently considered desirable. To
this end a staged investigation programme including
cored drilling, groundwater instrumentation and
downhole geophysics was carried out. A feature of the
Investigation was the use of acoustic scanning to obtain
orientated data on rock mass defects from drillholes.

3.2 Geological Setting

Roxburgh Dam is situated in a broad northwest
trending belt of the Otago Schist. The schist originates
from quartzofeldspathic and volcanogenic sediments of
Mesozoic-Paleozoic age, that  have  been
metamorphosed to textural zone IV. At least four
phases of deformation are recognised in the region,
which remains seismically active. The rock mass in
the vicinity of the dam exhibits a well-developed sub
horizontal foliation and is moderately to widely
Jointed. It contains shears both parallel and oblique to
foliation. Intact rock strengths of 50 to 200 MPa are
typical.

3.3 Field Investigations and Results

Two diamond cored PQ/HQ size (122/95 mm
diameter) drilholes were drilled on the left abutment of
the dam in mid 1997 to install additional piezometers.
The acoustic scanner was trialed in these holes and the
results compared with the drill core and conventional
density, sonic and caliper logs®>. A typical section of

-114-

scanner image from one of these holes is presenteq in
Figure 2. Following data processing, the acoustic
images were interpreted to determine the type and
orientation of all planar features identified. The trial
concluded:

®  The scanner clearly identified all the major shears
(both sub-horizontal and steeply dipping) present
in the core.

e The scanner identified the majority of joints
present in the core. Those joints identified in the
drill core but not revealed by the scanner may have
been tight in situ and therefore not differentiable
from the adjacent wall rock.

e The orientation of all defects identified could be
readily determined during subsequent data
processing.

e Due to the geometric considerations the dip angle
determined for steeply dipping defects is generally
of greater precision than that for shallow dipping
features.

Following the success of the trial, 37 foundation
drainholes located within the lower dam inspection
gallery were scanned during 1998°. These holes had
originally been drilled during construction by diamond
coring, although the cores were not retained.

Immediately prior to scanning, the holes were flushed
with high-pressure water jets and several of them
reamed and deepened using a small percussive rig. A
“dummy” probe of the same dimensions as the scanner
was used to determine the “scannable” depth of each
hole, allowing an optimum investigation schedule to be
developed. The scanning operation took place over 5
days during which 466 m of drillhole were scanned.
Data interpretation was carried out on site in tandem
with the data acquisition. This had the major advantage
of allowing the investigation to be modified as it
progressed. Additional holes were scanned in areas
where data quality was poor or where features of
particular interest were identified.  The scanner
equipment used for the drainholes was different from
that used for the surface holes, primarily due to the
headroom restrictions in the dam galleries.

In spite of the holes having been drilled over 40 years
previously, a large number of rock defects were
identified from the scanner images, and their
orientation determined. As with the earlier trial, defect
classification from the scanner images was somewhat
subjective, and difficulty was occasionally experienced
in differentiating open or infilled joints from thin
foliation shears and crushed zones on the scanner
images (i.e. it was not always possible to determine
whether or not shear displacement had occurred along
the defect). “Major” shears (i.e. greater than 20 mm
thickness) were readily identifiable.

-
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Figure 2: Example of Acoustic Scanner Data Interpretation

High quality, orientated data on rock defects were
obtained from most of the drainholes. The quality of
the acoustic scanner data appeared to be influenced by
the condition of the drillhole wall. Overall, better
results were obtained in diamond cored holes than
holes redrilled by percussive means. Although different
scanning equipment was used, data quality from
drainholes that were not reamed was generally
comparable with that of the cored surface holes.

The interpretation software allowed logs to be
compiled for each drainhole showing the acoustic
amplitude and travel time images, interpreted features
and their classification and orientation, and drillhole
azimuth and inclination. Consideration of the large
amount of additional data gained from acoustic
scanning at Roxburgh has contributed to a far more
detailed understanding of rock mass properties at the
dam site. It is unlikely that any other investigation tool
would have given such detail and spatial coverage for
the same cost.

4. ISSUES ASSOCIATED WITH USE OF
THE ACOUSTIC SCANNER

4.1 Cored versus Non-Cored Drillholes

By providing orientated data the scanner represents a
major advance over most conventional downhole
geophysical methods.
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The scanner is not regarded as a replacement for core
investigation drilling. It does however have the
potential to enhance the quality of geotechnical data
obtained from both cored and non-cored holes.

Where highest quality orientated data is required the
scanner may be used in conjunction with cored drilling.
The two techniques are complementary and data from
both may be combined on a single interpretive drillhole
log for subsequent interpretation. The drillcore allows
direct inspection and sampling of the strata
encountered whilst the scanner provides defect
orientations, 3D drillhole deviation data and additional
information in zones of poor core recovery. The use of
the scanner in this manner is more appropriate for
projects where the orientation of rock mass defects can
have major design and contractual implications.
Examples include tunnels, cut slopes, deep excavations
and landslide investigations.

The scanner may also be used to gain geotechnical
information from non-cored holes drilled for other
purposes. ~ Examples include resource definition
drilling in quarrying and mining, grouting holes,
ground anchor holes, or as in the case of Roxburgh,
drainage holes. Typically a large number of these
holes are drilled rapidly and cheaply by open hole
methods. Whilst the scanner data quality may be
poorer than for cored holes, a wide spatial coverage of
information on defect orientations and stratigraphy
may be acquired at relatively low additional cost.
Some “control” in the form of occasional cored holes is
still desirable.
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4.2 Drillhole Environment

There are a number of physical limitations on the
drillhole environment in which the scanner may be
used. These include:

e  Drillhole fluid — the scanner requires a water or
mud filled drillhole

e Drilthole diameter the 75-mm diameter
drainholes at Roxburgh were close to the lower
limit of the equipment used.

e Headroom — the shortest tool used at Roxburgh
was 2.6 m long. This precluded its use in some of
the galleries

e Artesian groundwater/gassing - Data quality may
be adversely affected by strong artesian
groundwater flows or gas bubbles.

e Hole inclination - Vertical or steep downwardly
inclined drillholes may be readily scanned using a
conventional wireline winch. Lower angle and
subhorizontal holes can be scanned in some cases,
with the tool pushed into the hole with flexible
fibreglass rods. Problems with tool centralisation
may also be experienced. Upwardly inclined
holes cannot be scanned due to the requirement
for a drillhole fluid.

e  Drilling method - Diamond cored holes provide a
smoother drillhole wall than do percussive or
wash bored holes. Data quality may be adversely
affected by excess rugosity of the drillhole wall.

e Hole conditions - In softer rocks. excessive
caving or smearing on removal of casing may
effect data quality. Poor hole stability may also
place the tool at risk of jamming or other damage.

e Casing - The scanner will not work through
drillhole casing, screens or liners.

Specific  requirements differ slightly between
geophysical contractors and will no doubt change as
new equipment is developed.

4.3 Cost Effectiveness

Depending on the site location, mobilisation costs may
be significant, but the actual data acquisition is
relatively quick. Cost effectiveness therefore increases
with the number of holes scanned in one visit. This,
however requires holes to be left open and uncased. In
some situations this may not be possible, or may
involve additional drilling costs to re-visit each hole
after scanning to complete installations. The timing of
investigation drilling must be carefully considered to
maximise the cost effectiveness of a scanning
programme.

-116 -

Data interpretation and presentation costs can be 4
significant component of the overall investigation ¢og
Some contractors provide a data interpretation Servi(:e:
while others do not. Interpretation may be carried out
by the client’s engineering geologist. in which cage the
cost of software purchase. training, and a “learnjpe
curve”. must be considered. A third alternative ig [;
make use of a “third party” interpretation service.

4.4 Determination of In Situ Stress Orientation

The scanner is being increasingly used as a means of
estimating the direction of principal in situ stresses due
to its ability to determine the orientation of drillhole
breakout. When in situ deviatoric stress is high,
breakout (spalling of the drillhole wall) may
preferentially occur in the drillhole wall perpendicular
to the axis of principal horizontal stress (see Figure 3).
The occurrence and orientation of breakout is readily
determined from the travel time images produced by
the scanner. Stress orientation determined in this way
has been shown to correlate well with measurements
using other techniques®. Techniques are also being
developed to deduce in situ stress directions for drilling
induced fracture patterns’. These techniques have
application in the design of underground mines,
caverns and tunnels where in situ stress directions have
the potential to influence excavation and stability.

Direction of minimum
in-situ stress
relative to drillhoie axis

Breakout

Drillhole cross-section
determined by travel time
of acoustic pulses

\
)

Acoustic
scanner

W

Direction of maximum
in-situ stress relative

Breakout to drillhole axis

/

Figure 3: Determination of in situ stress orientation
from drillhole breakout
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The Response of Suction Caissons to Catenary Loading

A.R. House
Geomechanics Group, The University of Western Australia
NEDLANDS WA 6907

Abstract

Research into the performance of suction caissons has developed in response to the demand from the offshore hydrocarbon industry
for a versatile foundation solution capable of anchoring a range of alternative structures. Suction caissons are capable of providing
large anchoring capacities in all directions. The simple installation procedure and high reliability has seen suction caissons
employed in a range of water depths and within hydrocarbon fields from marginal to high potential. As exploration is directed
toward increasing water depths, anchoring demands on the proposed structures become greater and subsequently a more detailed
understanding of the limitations to caisson capabilities and performance is required.

Using the fixed beam geotechnical centrifuge facility at The University of Western Australia (UWA), the installation and response
of a dimensionally scaled prototype caisson to inverse catenary chain loading was modelled with the objective of establishing a
relationship between the caisson geometry, soil characteristics and the monotonic holding capacity. The installation and tensile
resistances were recorded to determine the necessary installation pressures and uplift capacity of the caisson. Theory suggests that
the lateral capacity is dependent upon the frictional resistance between the caisson and soil, which may be back derived through
calibration of the theoretical and experimental response of the caisson to axial loading.

This paper presents the data from a series of centrifuge tests, comparing the results with the theoretical monotonic capacity of
laterally loaded caissons. A smooth walled model caisson was installed and subsequently loaded with an anchor chain in normally
consolidated kaolin clay. The data exhibited excellent repeatability between identical tests and a similar correlation with the

adopted upper-bound plasticity solution for laterally loaded caissons.

As offshore hydrocarbon exploration exploits deeper waters, a
greater understanding of the combined axial and lateral

1 INTRODUCTION
capacity of suction caissons is warranted.

The versatility and cost effectiveness of suction caisson
foundations has initiated significant research into the
capabilities of and limitations to their applications.

Very little experimental research has been published on the
response of suction caissons to lateral loading. Experimental
work in progress at The University of Western Australia has

In moderate water depths, suction caissons may be used
within clusters as a mooring for such structures as floating,
production, storage and offloading (FPSO) facilities. For
these applications each caisson is attached to the structure
with a chain that forms an inverse catenary profile within the
Soil between the mudline and the point of attachment,
mposing a predominantly horizontal load on the anchor.

The first catenary moored structure using suction caisson
foundations was at the Gorm field offshore Denmark (Senpere
and Auvergne, 1982). The soil profile at Gorm comprises
dense, fine sand overlying soft clay above stiff clay, proving
the suitability of suction caissons in a diversity of soil types.
Most recently, the first suction caisson installations within
°alc_areous soils have been undertaken in the calcareous silty
Sediments of the Timor Sea for the Laminaria hydrocarbon
field (Schrgder and Finnie, 1999).
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the objective of developing a design methodology capable of
specifying an optimal caisson geometry for a given soil profile
and design load configuration. This research involves the
experimental modelling of suction caissons (of various
geometries) subjected to loads ranging form purely horizontal
to purely vertical in a range of typical offshore soil profiles.
This paper presents the results of the first series of centrifuge
tests on a caisson monotonically loaded within normally
consolidated kaolin clay.
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2 BACKGROUND

2.1  Installation

Of concern during the installation of suction caissons is
whether the caisson will reach the target installation depth
before upheaval of the internal soil plug. Soil plug failure will
not be further discussed in this paper since the aspect ratio of
the model caisson and the adopted soil profile suggest a
limiting aspect ratio well in excess of the model geometry,
(House et al., 1999). Furthermore, the adopted experimental
installation method (jacked) eliminates the likelihood of soil
plug upheaval due to the absence of the uplift force on the
plug experienced during suction penetration.

A free body diagram of the caisson and internal soil plug
during suction installation is shown in Figure 2.1.
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Figure 2.1 Free body diagram of caisson and soil plug

The required installation pressure is derived from the free
body diagram of Figure 2.1(2) and is defined by

(Nes, +Y' DA g, +0;S,A; +0S,Ag —W

caisson —
A

AP

M

plug

where: N, = bearing capacity factor (taken as 9)
s, = undrained shear strength (at caisson tip)
y' = bulk density
£ = embedded caisson length
Ay, = tip area of caisson
Apiug = sectional area of soil plug
A, = internal area of caisson in contact with soil
A, = external area of caisson in contact with soil
«; = internal friction factor
o, = external friction factor
W = submerged caisson weight

2.2  Lateral capacity

A least upper-bound to the undrained collapse load of a
laterally loaded caisson in clay may be predicted using theory
discussed in detail by Murff and Hamilton (1993) and refined
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for suction caisson analyses by Randolph et al. (1993). The
iterative method (described below) varies three geometri;
parameters (defining the failure mechanism) ang one
optimisation parameter to solve for the minimum collapge
load satisfying the kinematic constraints of the adopted failure
mechanism.

(a) Assume a failure mechanism (geometry)
(b) Identify velocity field for failure mechanism

(c) Derive function between plastic strain rate and
energy dissipation

(d) Set external work done by imposed loads to total
plastic energy dissipation

(e) Repeat steps (a) to (d) until minimum collapse load jg
determined g

A schematic representation of the proposed kinematic failure
mechanism is shown in Figure 2.2. The geometric parameters
are the depth of the failure wedge, radial extent of the failure
wedge and depth to the centre of rotation.

To

f— 4 —

/ Dpad-eye

l Flow around
failure

Centre of
rotation

Figure 2.2 Upper bound failure mechanism

Subsequent to the experimental soil characterisation tests and
using a mobilised friction coefficient calculated from the
caisson installation data, the least upper bound to the caisson
holding capacity is predicted using the aforementioned model.

3  EXPERIMENTAL MODELLING

A model suction caisson was fabricated in the UWA
workshop from 6061 T6 aluminium and tested in the
centrifuge within a sample comprising normally consolida?ed
kaolin clay. The caisson had a dry mass of 32.3 g excluding
attachments (representing a prototype submerged weight 0
approximately 550 kN), with a wall thickness of 0.5 mm and2
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stiffened region at the padeye of 1 mm wall thickness. The
geometry of the model suction caisson is identified in Figure

Bl

Drainage PPT
valve Q'\;ﬁ #amn
o1 v
¥
0.5 mm >+
3mm OD (capped)
For suction tubc
L_ X attachment
40 mm —
oD
120 mm
|~ 7 10 mm
16 mm
4.
40 m
(a) Elevation (b) Plan

Figure 3.1 Geometry of model suction caisson

The normally consolidated kaolin sample was prepared by
self-weight consolidation of a clay slurry on the UWA fixed
beam geotechnical centrifuge (Randolph ef al, 1991).
Commercially available dry kaolin clay powder was mixed to
a slurry with a water content of 120 % (twice the liquid limit)
and subsequently de-aired under a vacuum of approximately
100 kPa. A slurry depth of 280 mm was placed over 2 10 mm
sand drainage layer at the base of the strongbox and
consolidated under an accelerated self-weight (120 g) for a
period of approximately 2 days. Previous characterisation of
the same clay at UWA (Stewart, 1991) suggested a fully
consolidated model depth of 180 mm would be achieved with
a target strength gradient (prototype scale) of approximately
1.1 kPa/m. Key properties of the kaolin clay are detailed in
Table 1.

Soil characterisation tests were undertaken using the T-bar
penetrometer (Stewart and Randolph, 1991) before each
caisson installation associated with a catenary load test. The
T-bar was penetrated and extracted at model rates of 3
mmy/sec and 1 mm/sec respectively.

PROPERTY VALUE
Specific gravity, G 2.60
Liquid limit, LL (%) 61
Plastic limit, PL (%) 27
s,/c', (Normally consolidated) 0.187
Consolidation coefficient, ¢, (m?/year) 1.3
Clay density, y'. (KN/m®) 59

Table 1 Kaolin clay properties, after Stewart (1991)

The undrained shear strength of the normally consolidated
kaolin clay samples was determined using the T-bar
penetrometer (Stewart and Randolph, 1991). The T-bar has a
load cell attached to the shaft above the tip from which the
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installation resistance is directly determined. The bearing
pressure, q, is derived by dividing the installation resistance
by the bar area and the shear strength is subsequently
estimated by dividing the bearing pressure by a bar factor N,

9
Sy = Nb (2)
For the bar used it is standard convention to adopt an Ny, value
of 10.5, based on an average between the theoretical upper
and lower bound plasticity solutions for a perfectly smooth
(adhesion factor, o = 0, N = 9.14) and a perfectly rough bar
(c.=1, Ny, = 11.94), (Randolph and Houlsby, 1984).

The geometry of the experimental arrangement limited the
modelling to two catenary load tests and a maximum of two
installation / pull-out tests per strongbox. An elevation and
plan schematic of the experimental arrangement is shown in
Figure 3.2.

i = 145 mm :
5 l TB3 =
= ~spman |
390 mm E T-B 2= Wl@lﬂ)m@ T-B4= ': O sStandpipe
H :
' Dng 1
! 81—
100 mm
L s
650 mm
(b) Plan

Figure 3.2 Experimental arrangement

Each installation commenced with the caisson submerged and
suspended above the mudline. The loading arm attached to
the caisson was lowered into the sample with the drainage
valve on the lid of the caisson open. Installation was
undertaken at a model rate of 0.5 mm/sec. An axial load cell




Proc. Fourth Australia New Zealand Young Geotechnical Professionals Conference, House & Watson (eds), February 2000, Perth, Australia

(3 kN model capacity) attached to the loading arm measured
the penetration resistance throughout the duration of the
Jacked installation. The anchor chain was pinned alongside
the anchor wall throughout the penetration phase. A
miniature pore pressure transducer (PPT) attached to the lid of
the caisson recorded the internal caisson pressure.

After the caisson was installed to the target depth, the
centrifuge was stopped, the chain unclipped and attached to
the pulley arrangement and the drainage valve on the caisson
lid was closed. The loading arm attached to the caisson was
removed before the centrifuge was ramped back up to the
target normal acceleration and the sample allowed to re-
consolidate.

The catenary (inverse) load tests were performed by vertically
displacing the actuator associated with the chain and pulley
arrangement. The pulleys were geared such that one unit of
vertical displacement of the actuator represented a chain
displacement of 2 units. A chain drag rate of 0.2 mm/sec
(monotonic) was adopted to maintain load control yet also
ensure an undrained response. The depth of the end pulley
was set such that the catenary profile of the anchor chain
agreed with the solutions of Neubecker and Randolph (1995),
for the predicted ultimate lateral capacity.

4 EXPERIMENTAL RESULTS & DISCUSSION

4.1

The normally consolidated kaolin clay sample was
characterised by two T-bar tests before each of the two anchor
tests. The undrained shear strength profiles are shown in
Figure 4.1.

Sample characterisation

A comparison of the first (T-bars 1 & 2) and second series (T-
bars 3 & 4) of T-bar tests highlighted evidence of a strength
increase of approximately 40 % over the duration of the first
anchor test and re-consolidation period.

Undrained shear strength, s (kPa)

0 4 8 12 16 20 24
0 ’ T-bars 1& 2
’ ------- 1.0 kPa/m
4 | T-bars 3& 4
g | —-—--14kPa/m |
= 3
<
£o \
16 \\\ s
No =105
20

Figure 4.1 Undrained shear strength

The variability between the profiles of T-bars 3 and 4
suggests that the sites may have been subjected to soil
disturbance upon extraction of the embedded end pulley used
for monotonic drag test 1. T-bar pull out tests (immediately
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after penetration) showed a remoulded

shear strep,
approximately 75 % that of the peak undrained

shear Strenggy

4.2 Installation and axial loading

To ensure adequate drainage through the valve on the cajgg o
lid, installation tests were undertaken at a constant mode| Tate
of 0.25 mm/s. The penetration resistances for the two
installations preceeeding monotonic load tests are shown i
Figure 4.2. Superimposed on the experimental curyeg is the
theoretical installation response which gave best agreemens
with the experimental data using an average mobilised fricgigy
ratio of 0.3, and k is the shear strength gradient with depth,
Note that minor corrections were made to account for fhe
buoyancy effects in the initial stages of installation where the
caisson was not completely submerged.

Bearing resistance, P (kPa)
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Figure 4.2 Installation resistances
The penetration resistance and internal caisson pressure rose
sharply upon contact of the internal soil plug with the top cap
of the anchor. Penetration was stopped at this point which for
both installations was approximately 95 % of the target
installation depth. Since the installation method was one of
jacking, the internal soil plug upheaval may only be
attributable to soil displaced by the caisson skirts.
Following the second monotonic load test, one installation /
pull-out test was undertaken. The pull-out test was performed
with a drained top cap at a constant rate (model) of 0.25 -
mm/sec. The experimental response is shown in Figure 4.3. .

The caisson pull-out response is classically frictional,
suggesting that the caisson-soil interface cohesion Was
mobilised with no contribution of reverse end bearing. The
pressure response within the lid of the caisson showed that no
negative pressures were developed between the top of the F
caisson and the internal soil plug, proving that the soil plug
was not extracted with the caisson, verifying the expectations

The p
for a drained pull-out test.

mono
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cause:
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Installation / pull-out resistance (kPa)
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Figure 4.3 Axial pull-out response

The theoretical pull-out capacity is superimposed on the
experimental data, showing that the experimental performance
experiences a transition as the skirt friction apparently reduces
quadratically. Best agreement is found by application of a
reduction factor not only on the shear strength (as experienced
in the T-bar pull-out tests) but inexplicably also on the
mobilised friction ratio.

43 Inverse catenary loading

The load development response of the suction caissons
subjected to monotonic chain loading is presented in Figure
4.4. Load development is slow as the initial slack in the chain
was taken up. Post-peak behaviour exhibits significant strain
softening of the kaolin clay.

Model chain displacement (mm)

0 50 100 150 200
> 7 - . + 500
e g Drag2 | 490 g
= o
E 5 Drag 1 g
£ 4 Bl
5 =
2 3 L 200 ©
o, ©
2 %] 100 8
2 B
3 17 =
£ 0 . — 0

0 3 6 9 12 15 18 21 24
Prototype chain displacement (m)

Figure 4.4 Load development (monotonic loading)

The pressure inside the lid of the caisson was monitored as the
monotonic chain load was applied. It is observed that no
Significant pressure response was experienced up to the point
of peak holding capacity, beyond which the differential
Pressure development is a response to the passive suction
Caused by caisson displacements.
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Model chain displacement (mm)
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Figure 4.5 Pressure response (monotonic loading)

The total caisson displacement was approximately 1.5 and 2
diameters for drag tests 1 and 2 respectively.

Using the mobilised friction coefficient back derived from the
installation data, the predicted least upper bound to the
caisson holding capacity (2 sided failure mechanism) for each
of the monotonic load tests is detailed in Table 2.

PARAMETER TEST1 TEST 2
Strength gradient, k (kPa/m) 1.0 14
Adhesion factor, o 0.3 0.3
Ultimate capacity, P, (MN) 4.7 6.7
Depth to centre of rotation, h (m) | 14.4 14.4
Depth of soil wedge, z, (m) 112 13.2
Radius of soil wedge, r, (m) 10.1 11.0

Table 2 Predicted caisson holding capacity

Good agreement is observed between the experimental and
predicted capacity for Test 2, although for Test 1 the
theoretical model under-predicted the measured ultimate
holding capacity by approximately 20 %. One possible
reason for this under-prediction is that the sample may have
experienced a strength increase over the period of
reconsolidation between the caisson installation and lateral
load tests. The reconsolidation period would also serve to
increase the mobilised friction ratio, although as discussed in
the following section this has a very minor influence on the
predicted holding capacity for the experimental arrangement
studied.

5 PARAMETRIC STUDY

To observe the sensitivity of the holding capacity model to the
soil strength parameters and proportion of mobilised friction,
a series of parametric analyses were undertaken using the
experimental caisson geometry subjected to a purely lateral
load. For normally consolidated soils (s,, = 0 kPa) of various
strengths, the predicted least upper bound to the caisson
capacity is shown in Figure 5.1 for a two sided failure
mechanism and a range of friction ratios.
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Figure 5.1 Influence of shear strength gradient
Similarly, the influence of mudline shear strength, s,,, on the

ultimate holding capacity of the same caisson within a 'typical'
soil is shown in Figure 5.2.
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Pile - soil interface cohesion, o

Figure 5.2 Influence of mudline shear strength

From the above two figures, it is apparent that for the
experimentally modelled caisson, the predicted upper bound
to the holding capacity is relatively insensitive to the caisson-
soil interface cohesion ratio, o.

6 CONCLUSIONS AND FURTHER WORK

The results presented herein support the theory that the least
upper bound plasticity solution provides a good prediction to
the holding capacity of suction caissons subjected to quasi-
lateral loading. Further refinement of the model will facilitate
the prediction of caisson performance when subjected to load
inclinations typical of those experienced when suction
caissons are used for taut wire or fibre rope moorings.

More data are required on the performance of suction caissons
in a range of soil profiles before a design methodology may
be developed to assist in the optimal suction anchor selection
for a specific requirement.
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Kinematic data are essential in identifying the optima] Pad-gye
attachment depth on the anchor. Other proposed Work
UWA includes a series of 3-dimensional finite eleme:t ?
analyses to calibrate the theoretical load displacemen:
response of caissons subjected to quasi-lateral loading ang the
predicted failure geometry of the soil with experimenta] data. ]
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The Monitoring and Modelling of Ground Movements Caused by Open Pit

Mining and Their Effect on Mine Infrastructure
Alison Jennings: Senior Geological Engineer, Geo-Eng Australia Pty Ltd.

Summary: This paper discusses the generation, and the extent of development, of ground strains in and around the large open pit
mines of the Latrobe Valley in Victoria. These pits range in depth from 75m to 160m and individually cover areas of up to 16km”.
They supply coal to a number of large mine mouth thermal power stations. The station complexes and their related infrastructure

are located close to the mine batters.

Extraction of overburden, coal and groundwater from the mines generates considerable vertical and horizontal ground movement in
the base of the mines, in the batters and the surrounding areas. This paper discusses the methods used to predict the ground move-
ments associated with current and future mining activities, in particular the computer programs FLAC (ground movements and

subsidence) and COMPAC (subsidence modelling).

The paper discusses the mechanisms of ground movement experienced in and around the mines and how their effects are predicted.
In addition, this paper broadly discusses the effectiveness of the modelling techniques, the benefits gained from modelling and the
reasons for computer modelling not being adopted in some instances.

of the field requires the diversion of the Morwell River. This

- INTRODUCTION paper will outline some of the geotechnical modelling un-
. . dertaken for this project. Some of the geotechnical impacts
The Latrobe Valley is located approximately 170km to the at Hazelwood and Loy Yang mines are also mentioned.

east of Melbourne (refer Figure 1). It is the centre of Victo-
rian power generation with over 95% of Victoria’s electricity
generated from coal supplied by three mines to five large
coal fired thermal power station complexes.

Melbourne

Latrobe Valley

TALLOURN MINE
MARYVALE FIELD
LOCALITY PLAN

" Figure 2: Yallourn Mine Fields

2. GEOLOGY

Figure 1: Locality Plan

Lignite (brown coal) was first discovered in the Yallourn 21 General
area in 1866. Commercial exploitation of the coal com- The Latrobe Valley Coal Measures are of Tertiary age and
menced in the early 1900’s and was used to supply busi- are found in the Latrobe Valley Depression. The Latrobe
nesses and homes. Coal was first mined for power generation Valley Depression is the onshore extension of the Gippsland
in 1921 and the first coal fired power station was constructed Basin, a major oil and gas field.
in 1924.

Five seams are mined in the Latrobe Valley, they are, in or-
Coal mining has continued at Yallourn Mine since that time. der of age, the Yallourn , the Morwell 1A, 1B, 2A and 2B.
The Mine now covers an area of 16km”. Planning is cur- In some locations these seams are underlain by the Morwell

2C and the Traralgon seams that are not exploited due to

rently being undertaken for the expansion of the Mine into
their depth.

the Maryvale Field (refer Figure 2) which will supply coal to
the Yallourn ‘W™ power station until 2027. The development

-125-
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The coal seams range from 20m to 90m in thickness and are
separated by up to 80m thick interseams made up of sandy
aquifers, clays, ligneous clays, thin inferior coal and coals.

Faulting is not widespread within the relatively flat lying
Tertiary sequences, however, major fault displacements have
been observed adjacent to major geological structures such
as the Yallourn Monocline Fault and the Loy Yang Dome.
Faulting generally occurs in the basement rocks and is ex-
pressed in the coal measures as gentle folds, monoclines and
occasional domes.

Jointing occurs extensively throughout the coal seams. The
Jointing is of tectonic origin, with a dominant NNW to SSE
strike for the high angle (> 80°) and intermediate (40° - 80°)
Joints. Low angle joints (< 40°) strike predominantly NNE to
SSE or ENE to WSW. Approximately 85% of all joints
mapped are high angle joints.

Mapping has shown the joints are continuous along strike
and fully penetrate the coal seam in which they are found.
Joints can be up to 100mm wide and are often filled with
sands and clays from the overlying Haunted Hill Formation
(HHF), indicating continued reactivation of the stresses that
formed the joints.

3. MINING METHODS

Mining of coal and overburden in Yallourn Mine is under-
taken by a combination of Bucket Wheel and Bucket Chain
Excavator (BWE and BCE). Mining takes place on faces
with an average length of approximately 1.5km and height of
20m to 25m. Each ‘pass’, or block, advances the operating
face by an around 50m. The time taken to complete a pass is
dependent on the coal demand or set overburden production
rate, but is usually in the region of 6 to 12 weeks.

During normal operations each overburden and coal face is
separated by around 200m or approximately 9 months of
normal production time. In periods prior to the transfer of
operations into a new field these distances are increased o)
as to provide time for the re-establishment of conveyor sys-
tems without jeopardising coal supply reliability, which is
required to be in the order of 98%.

4. INFLUENCE OF MINING ON BATTERS, MINE
FLOOR AND SURROUNDING AREAS

4.1  General

Large scale open cut lignite mining faces can result in the
following geotechnical events:

®  Failure of individual overburden and coal faces or lev-
els;

*  Larger scale batter failures (two or more faces/levels);

®  Ground movement of batters into the mined void due to
the relief of tectonic stresses; and

®  Ground movements related to water pressures and de-
pressurisation of deep regional aquifers.

-126 -

All have the potential to cause damage to mine infrastrye.
ture, both internal such as dredgers, conveyors and PiPelines
and external such is buildings, roads and services,

4.2  Individual Faces

Failure of individual faces, although sometimes quite extep.
sive, generally does not generally generate ground Straing
significant distances from the mine batters. These types of
failures are generally circular or piping failures in the over.
burden and joint controlled wedge or planar failures ip the
coal.

4.3

In extreme cases a planar or wedge failure can extend over
more than one level. However large, batter scale, movements
are generally block failures where a large block of coal
moves under the influence of water pressures in joints withip
the coal. The block generally slides on the interseam clays,
with lateral release being provided by the dominant sub-
vertical joint sets mentioned in Section 2 of this paper.
Movements such as these generally occur inside the mines,
however in extreme cases movements have extended beyond
the crest of the overburden batter up to a distance of 50m.
Movements of large blocks by up to 1.5m have been re-
corded.

Large Scale Batter Failures

4.4

Stress relief following mining produces the most significant
horizontal and vertical ground movements and strains,

Stress Relief Related Ground Movements

4.4.1 Horizontal Movements

Ground movements and strains are progressively generated
as the mine is developed. Monitoring of survey pinlines in
the mines has shown how ground movements are generated
during the mining process. Ideally survey pins are installed
on or near the proposed batter crest prior to mining com-
mencing.

In general the magnitude and direction of stress relief related
batter movements can be reasonably well predicted. For
example, at Yallourn little movement is observed until the
excavation of No. 2 Cut. By this point the Mine is generally
in the order of 50 to 60m deep. The rate of batter movement
reaches a maximum with the excavation of No’s. 3 and 4
Cuts and then slowly reduces as No. 4 Cut moves away (re-
fer Figure 3).

Significant ground movements continue for around 2 years
following the excavation of No. 4 Cut. At the end of this
time the following ranges of ground movement can be ex-
pected to have occurred.

800 - 1000mm
1400 — 2000mm

Batter crest:
Batter toe:

The shear movements along the coal/interseam interface at
the base of the coal seam reduce the strength of the interface
to residual values between the overburden batter crest and
the toe of the batters. For the purposes of batter stability
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analyses: and based on observations from inclinometers, this reaching a maximum of around 1000 L/s in the early 1970’s
15 assumed to occur between the excavation of No. 2 and 3 and again in the early 1990’s.
Cuts as this is when the first significant ground movements
oCCUT. Depressurisation of the M2B, M2C and Traralgon aquifers
commenced at Loy Yang Mine in the mid 1980’s and have
now reached approximately 250 L/s, while pumping at Yal-
0 e lourn Mine commenced in the mid 1990’s from the M1A
g s | B No2 o3 Mok aquifer and is continuing at around 15 to 20 L/s.
] | R
v Vvy Aquifer pressures have been reduced by an average of 120m
A at Hazelwood Mine, 100m at Loy Yang Mine and around
2 SR 40m at Yallourn Mine since pumping commenced.
2 Depressurisation of the aquifers has caused widespread sub-
2 T \\_ sidence of the Latrobe Valley. The Morwell Township, ad-
§ N ¥ P jacent to the northern batters of Hazelwood Mine has the
s " / greatest impact from the extraction of groundwater with sub-
; sidences in the order of 2500mm recorded in the Township.
) 1 Figure 4 shows the recorded subsidence at a number of
e s points around the Latrobe Valley.
T
h e}
Jan-15  Jan-T7  Jan-79  Jan-Bl  Jan-83  Jan-85  Jan-81  Jan-83 Regional subsidence appears to have caused no major envi-
ronmental or infrastructure damage (eg: river gradients,
| pipelines etc.), despite the large movements that have oc-
Figure 3: Graph Showing Generation of Ground Move- curred around Morwell. It appears that the rate of sedimen-
ments With Time and Progression of Excavation tation in the streams has been able to keep up with the rate
subsidence, while the subsidence ‘bowl” has been relatively
The interseam strength is assumed to increase linearly to the broad and gentle.
peak shear strength between the batter crest and the ‘Locus
of X’ (the point at which horizontal ground strains become 025 g
insignificant). At Yallourn he Locus of X generally occurs 00
between 400m and 600m from the crest of the batter, de- %QD';O\ o fﬁﬁiggg*ms 4 %
pending on the batter height and interseam strengths, how- 025 3 La ‘hm: o &
ever the Locus of X has been found to occur up to 900m 05D LE_ %a A20np . a
away from the batter crest at Loy Yang Mine. R o
g 075 L \
. 8 1 ~~A
442 Vertical Movements g -1.00 o "‘\&.
As coal is excavated it elastically rebounds resulting in % 125 G‘% >
heave. However survey data indicates the batters consolidate S 450 ]
as they are excavated. This is due to the removal of ground- = %b
water from the coal batters and from the deep aquifers below 75
1 the mines, which causes significant regional subsidence to 2.00 b
occur. ‘C’q:
225 %Du:
Survey data shows that subsidence of the batter crest by 250
around 300mm, in addition to the effects of regional subsi- Jan-50 Jan-60 Jan-70 Jan-80 Jan-90 Jan-2000
dence (refer Figure 3) is not unusual.
O West Morwell o East Morwell A Yinnar o Traralgon
45 Ground Movement Due to Regional Aquifer Pres- alH * Fyne xRS
sures Figure 4: Recorded Subsidence Around The Latrobe Valley
The interseams between the coal seams of the Latrobe Valley (Locations of points shown on Figure 1)
contain extensive, high permeability sand aquifers. These
aquifers are continuous across much of the Valley and ex- 5. MONITORING OF GROUND MOVEMENT
tend towards the east where they becoming interbedded with AND GROUNDWATER
the offshore oil and gas bearing marine sediments.
Aquifer depressurisation first commenced at Hazelwood 5.1  Ground Movement Monitoring
Mine _f°“°Wi“‘% a major episode of floor heave m‘196.0. Survey monitoring of pins and pinlines provide ground
Pumping rates in excess ?f 700_LIs have l}een mgmtamet% sovement daia that is used 1
from the M1 and M2 aquifers since that time, with pumping
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e  Assess the performance of a batter;

e Allow identification of areas of the batter which are not
performing satisfactorily;

e Indicate when a batter design is too conservative which
may allow an increased level of coal recovery; and

e Record ground movements.

Experience has shown that the following arrangement of pins
generally produces an adequate amount of data for decisions
regarding the stability of a batter system to be made;

e (Crest Pinlines - located near the crest of the overburden
batter over its entire length, where possible it is installed
a minimum of 100m ahead of the overburden face to en-
sure it is able to collect a full history of ground move-
ments. This pinline is the most important source of data
in ground movement models such as FLAC.

e Radial Pinlines - extending from the Crest Pinline and
away from the Mine. They should extend beyond the Lo-
cus of X. The complete pinline should be installed prior
to any significant movement taking place.

o Batter Pinlines — extending from the crest to the toe of
the batter. Ideally pins should be placed on the crest of
each batter as it is developed. Placement of the pin on
the crest allows maximum satellite coverage for the sta-
tion when using GPS monitoring systems.

Regional subsidence is record on a series of settlement
markers distant from the mines.

5.2 Groundwater and Ground Movement Bore In-
stallations

Groundwater and pore pressure monitoring bores are used to
confirm that water and pore pressures in and below the batter
are at or below the design levels. High water levels can indi-
cate that batter stability is being compromised and that the
drainage system designed for the batters is not effective.

Ground movement bores are used to monitor movements
along the coal/interseam interface. These bores help to
identify the location and width of the failure/movement zone
at the base of the coal and can give early warning of poten-
tial batter failures.

6. CONSEQUENCES OF GROUND MOVEMENTS

Impacts of excessive ground strains on infrastructure can
include:

Potential Damage to Tnfrs
Stress s S

Large scale batter fail- | ¢  Broken fire service pipes.

ures. e Damage to roads.

e Damage to plant (mainly
conveyors and occ. BWE')

o Opening of cracks in river. |
beds close to the Mine leaq.
ing to flooding of Mine anq
therefore lost power prodyc.
tion.

Regional Subsidence e Interruption and variation of |
natural and man made flow |
paths.

e  Variations in river flood
plains.

e Differential movement of
structures build across re-
gional faults (eg: No. 3
Cooling Tower, YPS)

e  Opening of cracks below
dams (eg: LY Settling Pond)

Failure Mechanism:

Failure of individual e  Coal blocks falling on plant
faces (potential loss of life).

e  Broken fire service pipes.

e Damage to roads.

As noted above individual face movements generally cause
minor damage, with only occasional cases where damage has
occurred to a BWE. These were a coal block failure in Yal-
lourn Mine that damaged Dredger 3 in 1962 and a large scale
overburden failure in Hazelwood Mine that damaged !
Dredger 10 in 1991. Similarly, while spectacular, larger scale
batter movements have only caused relatively minor damage
to pipes, roads etc. Both stress related movements and
ground movement due to regional subsidence have the po-
tential to impact on the serviceability of infrastructure and/or
a natural system such as a river. For this reason effort is put
into the prediction of such movements and their likely im-
pact on the areas surrounding the mines.

)

7. PREDICTION OF GROUND MOVEMENTS
AND STRAINS

Three main methods of predicting ground movements are
used in the LV mines. The method adopted depends on the
potential for damage to infrastructure.

For a batter with no important items of infrastructure, pre-
dictions of horizontal and vertical ground movements and
the likely extent of ground movements are generally empiri-

cal and are based on historical data. 7

For more important batter systems, such as those carrying
conveyor systems or those close to large masonry buildings:
rivers or river diversion channels, historical predictions are
used as a ‘first pass’ estimation. This is later confirmed us-
ing computer based models such as FLAC or in the casé of
regional subsidence related movements, COMPAC.

A recent example of this is the work carried out for the di-
version of the Morwell River around the proposed Maf)'va_le‘_ i
Field (MMRD), an extension of the Yallourn Mine. The 2y
of this modelling was to determine the distance between f‘he

Mine and the MMRD channel required to reduce the strains
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erated by the mining to a level that will not result in

n
f:acking in the base of the channel following mining

71 Estimates Based on Historical Data

As part of preliminary definition studies for MMRD a series
ofhorizontal and vertical ground movement predictions were
made based on historical data collected from batters previ-
ously excavated with a similar orientation and geology.
Graphs were plotted showing batter crest and toe movement
variations with batter height and ground movement versus
distance from the batter crest.

These correlations were used to predict the magnitude of the

ound movements and strains likely to occur in the base of
the MMRD channel and the width of the buffer zone. This
preliminary buffer width was used to set the location of the
Mine batters.

Similar data was collected on regional benchmarks that
monitor subsidence in the Morwell and Yallourn areas. In
this case correlations were made between the distance from
the centre of pumping, drops in aquifer pressure and the
thickness of sediments above the basement rock at a par-
ticular site.

Using this data the long term subsidence of the MMRD
channel was predicted based on expected pumping rates
from the aquifers below the channel. The preliminary mod-
elling showed a differential subsidence of 400 to 500mm
between the start and the end of the channel. This figure was
input into the preliminary channel design.

72 FLAC Modelling

7.2.1 General

FLAC is a continuum stress analysis code, with a range of
nonlinear models available for soil or rock material, inter-
faces and structural elements or modelling rock bolts, tunnel
linings etc. FLAC can also be used to analyse transient
groundwater flow in a porous medium, either alone or cou-
pled with a stress analysis.

7.2.2 Mechanical Modelling

The first step in the modelling process is the generation of
the model grid. The sections analysed for this project were in
the order of 1200m to 1300m long and around 220m high.
Sections of this length were adopted to ensure that boundary
effects were minimised on the results of the calculations
around the river, by allowing the boundary of the model to
be located approximately 300m away from the outside edge
of the Diversion channel. The height to length ratio suited a
10m horizontal by Sm vertical configuration. The model was
developed so that the grid lines run parallel to the batter
faces and the batters of the MMRD channel.

Observation of ground movements and coal cracking and
jointing indicates that the coal behaves as a ‘mass’ rather
than a series of individual blocks. For this reason the model
does not model either individual joints or joint sets and the
Strata is modelled as an elastic material.
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Experience shows that in order to maintain ground move-
ments to the order observed in the field, the batter system
had to be run as an elastic model. Efforts to model the batter
system as a mohr—coulomb model proved ineffective as large
vertical settlements occur during initialisation of the model
which result in high unbalanced forces in the model. Efforts
to combat this were ineffective.

Elastic parameters were applied to the model grid and an
initial stress regime applied. A horizontal to vertical stress
ratio varying from 1.0 to 1.5 was adopted, which combined
the far field stress regimes common to the region and the
overburden stresses.

Initial stresses were calculated using a subroutine which
summed the stresses induced by each materials type over
each column of the model. An interface capable of strain
softening behaviour with ground movement was defined.
The initial steady state water levels were input and the model
was stepped to mechanical equilibrium. The model dis-
placements and velocities were reset to zero.

As the problem to be solved assumed the river diversion
channel existed and the effects to be studied were those of
the mine excavation, the channel formed part of the ground
surface in the initial equilibration.

The mine batters were progressively excavated with the wa-
ter levels being redefined at each modelling step.

7.2.3 Probabilistic Modelling

Once the models were calibrated and initial modelling runs
for a range of buffer widths were completed, a range of
FLAC runs were undertaken to assess the impact of varia-
tions in the interface strength and their impact on the strains
generated across the base of the MMRD channel.

Four FLAC runs were completed for each of the buffer ana-
lysed for each section. The runs were carried out for all the
possible variations in the interface strength. A bivariate point
estimate method was then used to estimate the probability of
the strains in the base of the MMRD channel exceeding the
tensile strain limits of intact coal which monitoring data has
indicated is in the order of 0.65%.

7.3  Results of FLAC Modelling

Comparisons have been drawn between the results of the
historical pinline survey based strain calculations and the
results of the computer modelling for this project.

The pinline surveys have been carried out across ground with
a generally flat surface at grass level. In the case of this
study the MMRD channel excavation creates a large ‘notch’
in the surface. The effects of this are similar to those dem-
onstrated in a notch ductility test on a metal plate, which
exhibits large strain concentrations around the notch.
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Figure 5: Typical X-Displacement Plot From FLAC

The variations in strain are shown by the x displacement
plots from the FLAC analyses and indicate large strains at
the batters, reducing across the buffer zone and then in-
creasing around the area of the MMRD channel (refer Figure
).

The magnitude of the computer predicted ground strains
were larger than those determined from the historical data
and indicate that the ground strains generated by mining
Maryvale Field will exceed the tensile strain limits for re-
moulded clay but are acceptable for intact brown coal. It was
therefore concluded that lining the channel with compacted
clay was unlikely to improve its ability to hold water when
effected by ground strains.

The results of the probabilistic analysis together with a check
of the potential for block sliding failures indicates that a re-
duction in the buffer width as estimated in the preliminary
assessment of historical data can be made. Accordingly the
buffer widths were set as 250m (reduced from 295m) along
the southern batter, widening to 300m (reduced from 335m)
along the southern end of the eastern batters and increasing
to 345m (reduced from 375m) in the northern part of the
eastern batter. This releases an additional 17Mm® of coal
from the batters, nearly a years production.

74 COMPAC Modelling

7.4.1 General

Future land levels are predicted using the COMPAC numeri-
cal model. The COMPAC model uses a non-linear generali-
sation of Terzaghi’s 1-D theory of consolidation to compute
land subsidence resulting from changes in hydraulic head
within on or more aquifer systems. Virgin (non recoverable)
compression and elastic (recoverable) rebound and recom-
pression of sediments that lie either within an aquifer system
or between aquifer systems are taken into account. The
compression of permeable aquifer material (usually sand) is
also calculated. The aggregate vertical movement at the
ground surface, as a function of time, is computed by sum-
ming the individual contributions of the layers.

As the model is one dimensional is incorporates only the
vertical subsurface profile and as such can only be used to
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predict land level changes at discrete sites. A feel for the
regional effects of subsidence is gained by making predic.-
tions at a number of points across an area and contouring the
results.

7.4.2 Regional Subsidence Mechanism

The magnitude and rate of land subsidence due to the de-
pressurisation of the aquifers is dependent on a number of
factors including:

e Material consolidation characteristic such as compres-
sion ratios (CR) and permeability.

e The preconsolidation pressure (P’c).

e Initial effective stresses.

e The increase in effective stress due to groundwater ex-
traction.

e The thickness of the aquifers and separators.

The preconsolidation pressure is the maximum effective
stress that a soil has been exposed to in its history. When the
stress being applied to a soil exceeds the P’c, its compressi-
bility increases by an order of magnitude. In the Latrobe
Valley the sediments are heavily overconsolidated due to
extensive erosion of the Tertiary sediments.

The depressurisation of the regional aquifers is causing an
increase in the insitu effective stresses. The magnitude of
the subsidence is proportional to the increase in the effective
stresses and the compressibility of the materials. It is gener-
ally recognised that coal is more compressible than clay,
which is more compressible than sand.

The larges subsidence is observed to occur adjacent to the
mines. This is due to the localised combination of thick near
surface deposits of coal and the largest drops in aquifer water
pressures. It should be noted that consolidation settlement is
inversely proportional to the initial effective stress, therefore
for a given stress increase, the deeply buried strata produces
much less subsidence than the near surface strata.

7.4.3 COMPAC Model Accuracy

In general adequate historical surface survey data exists,
however most areas have little historical water level data
from each of the aquifers that is being depressurised. In
most areas only one or two aquifers are being monitored at
any one time.

Model accuracy is highly dependent on the accuracy and
amount of aquifer water pressure data available. In the case
of the MMRD channel this area has only limited water pres-
sure data an it was expected that models run with this data
would produce an answer that was plus or minus 20% or
around 250mm.

7.44 MMRD COMPAC Modelling

To carry out COMPAC modelling specifically for the
MMRD channel would require the following:
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Drilling of 3 boreholes to basement rock (approx.
500m), one at either end and one in the middle of the
proposed channel.

Geological and geophysical logging of the bores.
Installation of piezometers to monitor the water levels.
1-D consolidation testing of samples.

Running of the regional groundwater model to deter-
mine the likely changes in groundwater levels (and
therefore effective stresses) at each bore location.
Creation of a COMPAC model for each site. Running
the models for a number of water level scenarios.
Interpreting the results of the modelling and their effect
on the flow in the channel.

The estimated cost to undertake this program of works was
significant. It was decided that the work was not economi-
cally justified for the improved accuracy of the results that
would be obtained from the modelling. In addition, the River
was likely to be able to compensate for the variations in the
Jevels with time, this is despite the channel gradient being

very flat.

8. CONCLUSIONS

In general the magnitude and direction of stress relief related
batter movements can be reasonably well predicted using
empirical methods. Ground movements of the following
order are generally expected to occur:

800 — 1000mm
1400 — 2000mm

Batter crest:
Batter toe:

Depressurisation of regional aquifers has caused widespread
subsidence of the Latrobe Valley, with movements in the
order of 2500mm recorded in the Morwell Township. At
this stage regional subsidence appears to have caused no
major environmental or infrastructure damage (eg: river gra-
dients, pipelines etc.)

Three main methods of predicting ground movements are
used in the LV mines. They are:

o Empirical methods based on historical data.

o Completion of a “first pass’ empirical estimation later
confirmed using computer based models such as FLAC
and/or, in the case of regional subsidence related move-
ments, COMPAC.

The method adopted depends on the potential for damage to
infrastructure located around the mine batters.

The FLAC modelling completed for MMRD improved the
definition of the buffer zone between the proposed mine and
the river diversion channel. In this case the preliminary em-
pirical estimate was considered to be very conservative and
the potential returns from the modelling were believed to
justify the expense of collecting the data for the model
(drilling and laboratory testing) and the cost of the model-
ling. In this case approximately 17Mm’ of extra coal will be
recovered and will provide the mine with a significant return
on the investment in the modelling.
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Putting the Geo into Geotechnical - The Role of the
Engineering Geologist During Construction of the Eastern
Distributor Tunnel, Sydney, Australia

Richard Justice.
Engineering Geologist, Pells Sullivan Meynink Pty Ltd

SUMMARY

The 1.5km long Eastern Distributor Tunnel, to the east of Sydney’s CBD, is Australia’s first piggyback tunnel. The tunnel is
excavated through a highly urbanised area with Jimited rock outcrop, hence the geotechnical model formulated for design
purposes was heavily reliant on borehole information. During construction, detailed engineering geological mapping served
to ‘proof check’ the assumptions and interpretation made in the design model.

This paper briefly summarises the design geotechnical model, the role of the Engineering Geologist during construction and
the Geologist’s position in the overall context of the construction team. The post construction model, formed on the basis of

in-tunnel mapping, is then presented.

It is concluded that the mapping undertaken during constructi
encountered tunnelling conditions were different to those anti

on largely confirmed the preconstruction model. Where
cipated in the design model, the results of engineering

geological mapping allowed appropriate support redesign in ‘real time’.

The paper therefore provides a working example of the concept of ‘putting the “geo” into “geotechnical’.

1. INTRODUCTION

The 1.5km long Eastern Distributor Tunnel, located to the
immediate East of the CBD of Sydney (Figure 1), will
carry three lanes of Northbound traffic over three lanes of
Southbound traffic in Australia’s first piggyback tunnel.

The geotechnical model for design purposes was based on
field investigations comprising a sum total of 103 cored
boreholes, supplemented by geotechnical mapping in old
quarries and along the Cahill Expressway, to the north of
the tunnel. Hence the preconstruction or design
geotechnical model was heavily reliant on interpretation
between boreholes. Engineering geological mapping
undertaken during the construction phase of the project
was used to validate the preconstruction model.

This paper outlines the design geotechnical model, tunnel
construction sequence and the role of the Engineering
Geologist during construction. ~Elements of the post
construction geotechnical model are then compared to the
design model. It is concluded that mapping and database
upkeep during excavation allowed for effective and quick
support redesign where needed, served to largely confirm
the design geotechnical model and has provided a
permanent record of excavation conditions for the future.

2. PRECONSTRUCTION (DESIGN) MODEL

2.1 Lithology

The tunnel excavation was expected to occur entirely
within subhorizontally bedded Hawkesbury Sandstone
which forms the basement rock for the majority of the
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CBD. However, the upper part of the main south portal at
South Dowling St and the ramp tunnels to Anzac Parade
and Moore Park Rd were anticipated to be excavated
through weathered Mittagong Formation. The boundary
between the Hawkesbury Sandstone and the Mittagong
Formation was known to be gradational and it was
considered that the base of the Mittagong Formation
formed a shallow basin structure near Taylor Square

(Figure 1).

Three main sedimentary facies are apparent within the
Hawkesbury Sandstone as outlined below.

1. Massive Facies: typically internally homogenous in
particle size and either massive or displaying a poorly
to well developed undulose layering. This facies
usually displays a discordant, erosional lower layer
and a planar concordant upper surface, Herbert (1).
Shale breccia commonly occurs within troughs above
this erosional surface.

2. Sheet Facies: Sandstone in this facies consists of
cosets of trough or tabular cross strata which are
bounded by subhorizontal bedding surfaces. Cross
bedded sets range from a few centimetres to more than
5m in thickness and commonly dip to the north to
northeast. Syndepositional convolution and recumbent
folding of foresets is common in this facies, Conaghan
(2) and is probably due to mass movement events
shortly after deposition involving the unconsolidated
sediments

3. Mudstone Facies: This facies is laterally discontinuous
and usually between 0.3 - 3m thick. Itis composed of
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Figure 1: Tunnel Location and Encountered Geology

grey, fissile mudstone which in places is slightly
carbonaceous and is often laminated with fine grained
sandstone. The facies is often referred to by the terms
“Shale lens” or “Laminite”.
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2.2 Bedding

The results of the site investigation indicated that beddip
was typically subhorizontal and typically planer %
undulose, with high horizontal continuities. Sand tq Clay
infill was encountered along approximately one thirq of
the measured bedding defects.

23 Cross Bedding

Cross bedding was inferred to typically dip towards the
northeast. In fresh or slightly weathered sandstone at the
depths of the tunnel, cross bedding was not anticipated to
form planes of weakness. However, in moderately to
highly weathered sandstone the cross beds wepe
considered likely to form surfaces of incipient parting or
low shear strength.

24 Jointing

Based on oriented hole core and the limited surface
mapping data, the dominant joints were inferred to be
subvertical and strike north-northeast, although occasional
vertical joints orthogonal to the main north-northeast
system were interpreted. The joints were anticipated to
have substantial horizontal and vertical continuity, and be
planar, rough and mostly clean.

25 Faulting

Faulting in the Hawkesbury Sandstone is uncommon.
However, a fault zone, termed the Woolloomooloo Fault
Zone (WFZ) was encountered while drilling for the piers
of the Eastern Suburbs Railway viaduct in the late 1960’s.
It was expected that the WFZ would intersect the main
tunnel between 160m and 240m in from the northem
portal, and at the William Street Ramp Tunnel portal.
Minor sub-parallel faults or shears were expected fo
intersect the main tunnel up to approximately 450m in
from the northern portal.

The zone was inferred to be steeply dipping to the
southeast; vertical displacement across the zone was
interpreted to be about 5m, with the eastern (hanging
wall) side up-thrown, ie an overall reverse motion.

Stress measurements were undertaken in a borehole just
to the north of Stanley Street, using hydrofracture
techniques. The results indicated that the horizontal stress
was about five times the overburden pressure which was
considered to also indicate reverse motion across the
WFZ.

Borehole data suggested that additional minor faults Of
shears could possibly occur near the intersection {’f
Flinders Street and South Dowling Street, 1
approximately 200m in from the southern portal of the
main tunnel.

Low angle thrust faults, which merge into bedding plane
shears, are known to occur within the HawkesbuY
Sandstone but were difficult to detect in borehole core-

thrust fault was observed in an exposure to the north 0
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the tunnel. It was considered probable that thrust faults
would be encountered along the tunnel route.

2.6 Igneous Dykes

Two near-vertical igneous dykes were interpreted to

intersect the tunnel route (Figure 1):

e a relatively thin (0.3 to 0.6m wide) dyke underneath
Oxford Street (the Oxford St Dyke), and

o the Great Sydney Dyke which runs along the
alignment of Fitzroy Street. The dyke varies in
thickness from 5 to 7m and, at the depth where it is
penetrated by the tunnel, was inferred to comprise stiff
fissured clay (extremely weathered dolerite).

3. TUNNEL EXCAVATION

3.1 Excavation Sequence

Excavation was mostly by roadheader. Excavation of the

main tunnel typically involved the following sequence

(Figure 2):

A. Excavation of 5 to 6m wide parallel headings at
Northbound level

B. Pillar stripping

C. Southbound excavation.

Figure 2: Tunnel Excavation Sequence

(see text for explanation)

At the peak of excavation activity, six roadheaders were
operational with a2 maximum advance rate of 80m per
week for a 6m wide heading attained.

32 Company Role and Personnel Objectives
During Construction

Pells Sullivan Meynink Pty Ltd (PSM) had the
responsibility for the design of roof and side wall support
of the Eastern Distributor Tunnel. The basic philosophy
for tunnel support involved the concept of a linear arch
being formed in the rock above tunnel roof which was
supported by rockbolts and shotcrete.

PSM’s role on site was involved with the on-site
“Surveillance” team, whose job it was to ensure that the
support for the tunnel was installed as designed. Where
ground conditions differed substantially from the design
geotechnical model, it was the responsibility of
Surveillance to provide support redesign. PSM’s task was
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therefore to check that geological reality reasonably
matched the design model and to undertake redesign
when and where significant departures from the design
model occurred.

Significant departures from the design geotechnical model
would have included such scenarios as:
e relatively continuous moderately dipping defects,
e in conjunction with monitoring, evidence of low
horizontal stress (eg. open joint planes),
ground water inflows greater than expected,
faults and shears other than predicted, and
weathering conditions other than predicted.

The objectives of the Engineering Geologist’s role were

therefore to:

e modify and update the geotechnical models used for
design purposes,

e forecast tunnel conditions, more particularly in twin
headings, and through known structures,
reduce the risk of ‘geological surprises’,
allow quick response and localised redesign of tunnel
support where  ‘geological  surprises’  were
encountered, and

e provide a record of tunnel conditions for the future.

These objectives were achieved by:

e engineering geological tunnel mapping of all
Northbound headings as well as Southbound walls,

e observation and interpretation of drilling for rockbolts
and pipe canopy tubes to assess geotechnical
conditions above the tunnel roof,

e routine sample collection for point load strength
testing , and

e creation and management of a database containing the
properties of mapped defects (orientation, length,
persistence, roughness etc).

The major task was in-tunnel mapping. Detailed 1:100
scale maps were produced for all headings and included
both sidewalls and the roof. When access allowed, the
active face was logged. An example of a completed
mapping sheet is shown in Figure 3.

Mapping of a particular heading typically lagged some 20
to 30m behind the tunnel face because the roadheader and
haul trucks severely affected compass readings. Periodic
logging of the face itself was necessary, however, as the
face allowed a cross-tunnel section of the local geology to
be viewed as well as assessment of the latest excavation
conditions.

33 Data Flow

It was attempted where feasible to provide support
redesign to the main contractor in what was termed ‘real
time’; or in other words with a minimum of delay. The
theoretical data flow from in-tunnel mapping and
monitoring through support redesign to support
installation is shown in Figure 4.
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Figure 3: Example of a Completed Tunnel Mapping Sheet

Figure 4: Theoretical Data Flow Sequence
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Support review and redesign was carried out by a Senior
Geotechnical Engineer, also from PSM, on the results ofé
in-tunnel mapping and monitoring. ‘

In reality, the roles performed by the Engineering ¥
Geologist and the Geotechnical Engineer were somewhat
overlapping and became more so in the latter stages of the
project. The Geotechnical Engineer —sometimes
performed mapping, whilst the Engineering Geologist
routinely undertook support design, particularly sidewall
bolting.  This  had  the  advantage  Of
‘decompartmentalising’ both roles, ie the data flow
sequence did not come to a grinding halt because of
personnel unavailability etc.

The collection of data from in-tunnel monitoring was th?
responsibility of the tunnelling excavation contractor-
Surveillance had overall control of where monitoring
points were installed, and the frequency of reading. It was
the responsibility of Surveillance to maintain &
monitoring database.

34 Data Collation
Data collation involved: : -
® daily updating of standard plans and sections in papef

form,
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o incorporation of structural data into a standard
database from which defect stereoplots and defect
histograms were produced, and

o inclusion of the results of Point Load, or other, testing
into a testing database.

The histogram sheet and stereoplots were typically
generated for 100 — 200m segments of the tunnel and
allowed a quick visual check to be made between the
design model and the encountered conditions.

3.5 Southbound Wall Bolting

The Eastern Distributor Tunnel is designed as a
piggyback tunnel with Northbound traffic supported on a
600mm thick steel reinforced concrete decking, supported
at each end on a 400 to 500mm wide sill beam.

Imposed loads of up to 827kN/m were calculated at the
widest span of the tunnel. The orientation of the major
joint set at an acute angle to the tunnel alignment and the
imposed loads acting on the sill beam meant that potential
“one sided” wedge failure, Pells and Dai (3), under the sill
beam could occur. This failure mechanism involves
release along an existing joint plane with shearing and
tensile failure through intact rock (Figure 5).

Depending on the orientation of a joint beneath the sill
beam and the local tunnel width, one of a series of four
different patterns was installed adjacent to the joint.
Support patterns were marked up during southbound wall
mapping. This served to minimise the delay between
mapping and support installation and allowed a ‘one-pass’
operation for the Engineering Geologist.

4. ELEMENTS OF POST 'CONSTRUCTION
MODEL

For most of the length of the tunnel, the mapping
confirmed the preconstruction model. The following
sections provide a summary of the characteristics
encountered for various features. Figure 6 summarises the
post-construction engineering geological model.

4.1 Hawkesbury Sandstone

Sheet and Massive Facies Sandstone as well as the minor

Mudstone Facies were encountered during mapping. In

general the Hawkesbury Sandstone encountered was

typically classified as Class II with Class III near the
portals (after Pells et al, Reference 4). A general profile
can be summarised as:

° Mixed Massive and Sheet Facies Sandstone with
few shale horizons (encountered in the southern
half of the tunnel) overlying;

° Sheet Facies Sandstone with relatively common
shale or shale breccia horizons (encountered in
the northern half of the tunnel).

-137-

TRACE OF TYPICAL JOINT

@“‘Q
&
N
K4 /
o
&
W
3 P
R \ /
FALURE THROUGH &
INTACT SANDSTONE
ONE SICED WEDGE

VIEW TO NORTH

Figure 5:_ Geometry of One-sided Wedge Failure

The shale breccia was found to comprise zones of
reworked and/or syndepositionally deformed shale within
a fine to medium grained sandstone matrix. The horizons
had a typical maximum thickness in the order of 1m and
occurred at greater frequency than anticipated from
borehole logging. Typically, the borehole logs indicated
the horizons as one or two discontinuous shale lenses in a
sandstone matrix, and were mostly noted as being minor
features within the drill core. However, exposure within
the tunnel indicated these apparently minor features
typically formed part of a more extensive zome, with
individual continuities of up to 100m.

4.2 Bedding

Figure 7 presents the stereographic projections of the
structure mapped during tunnelling and shows that
bedding was mainly sub-horizontal. Analysis of bedding
defects recorded during tunnel logging indicate the
following defect characteristics:

° bedding spacing averaged about 2.0m;
° 85% dip less than 10°, 95% dip less than 20°;
o 60% had some infill varying from a stain to over
50mm;
- 5% of which are Clay,

- 50% of which are sandy Clay with or
without some iron oxide,

- 25% of which are clayey Sand,

- 10% are Sand, and

- the remaining 10% either iron oxide or
carbonaceous material.
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Clay dominated infill typically occurred near the surface
whereas sand dominated infill occurred at the depth of the
tunnel. This is interpreted to be a weathering related
effect.

43 Cross Bedding

Figure 7 shows that cross bedding typically dips at 15°
towards 045°. The mapping also indicated the following
characteristics:

° cross bedding spacing was typically less than
0.2m;

o average length of cross bedding is approximately
4m;

° 66% dip between 10 and 20° typically to the
northeast; and

° approximately 50% of the measured defects had

minor infill of up to 3mm.

During logging, focus was placed on those defects that
had some infill. Hence, the proportion of infilled cross
beddings calculated above is much higher than reality.

In Class II sandstone or better, the cross bedding surfaces
were not noticeably weaker than the rest of the rock
material, and as such, did not tend to form planes of
separation within the rock mass. However, in zones of
Class III, or poorer, sandstone (ie within the WFZ and
adjacent to the Great Sydney Dyke), cross bedding planes
acted as release surfaces for roof failures. In these
sections roof failures were typically defined by ’feather
edging’ on cross bedding with side release on joints.

4.4 Mittagong Formation

The Mittagong Formation formed the roof of the Drivers
Triangle Ramp tunnel. The sequence comprised highly to
extremely weathered interbedded sandstone and black
mudstone (Class IV/V), and displayed a gradational
relationship with the underlying Hawkesbury Sandstone
which was assessed to be Class I/IIL.

4.5 Joints

The major joint set was confirmed to strike north-

northeast and the minor set east-southeast (Figure 7).

Both defect sets occurred as discrete features or as

swarms of about 3 to 10 defects. Defect spacings within

the swarm range from 20 to 500mm, whilst spacing
between swarms was up to 20m.  Typical joint
characteristics are outlined below.

o 15% are continuous out of both the floor and roof
of the tunnel, crossing several bedding planes,
with a vertical continuity greater than 10m.

o 45% are semicontinuous, and transgress one or
more bedding planes, with a vertical continuity of
between 3 and 10m.

No clear correlation exists between sandstone type and
Jjoint occurrence or characteristics. However, joints were
much less frequent in the central part of the tunnel
compared to near the portals. This may be an effect of
near surface stress relief,
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Faults
WFZ and low angle thrust faults were encountered

tunnelling. Low angle thrust faults were
gnised on both sides of the Great Sydney Dyke, and

some amount of movement occurs along bedding
planes, and

the low angle thrusts serve to provide a
movement surface, or ‘connection path’, between
adjacent bedding planes.

The WEZ was intersected in the main northern tunnel
between Ch1521-1625m with parallel faulting extending
to 1700m, and at the portal of the William St Ramp
tunnel. The WFZ is approximately 50m wide, dips at
about 70° towards the southeast, and intersects the tunnel
at about 25°. The WFZ comprises five major fault splays,
(Figure 8) comprising 50 to 1000mm of crushed
sandstone within a soft to firm clay matrix. Smaller faults
and shears were apparent between the major splays.
These minor faults had a maximum width of about 20mm.
Rock quality between the fault splays improves towards
the south, starting as poor between splays 1 and 2 and
becoming very good between splays 4 and 5.

Overall movement of the zone is interpreted to be reverse
(ie northwest side up relative to the southeast), although
some of the fault splays are normal. Mapping indicated a
displacement across the fault of approximately 8m. The
component (if any) of strike slip motion was not able to
be determined.

The gross characteristics and the overall sense of
movement of the WFZ was accurately determined in the
design geotechnical model, however, the number and
position of the major fault traces was not realised.

The zone of minor faulting near the intersection of
Flinders Street and South Dowling Street interpreted in
the design model was intercepted during tunnelling, and
was termed the “Hutchinson Place Shear Zone” (Figure
1). The zone was intercepted some 190m in from the main
tunnel southern portal and comprised 2 number of closely
spaced joints shears and faults. Vertical displacement of
up to approximately 8mm was observed on some planes.
The overall orientation of the zone is interpreted to be
subparallel to both the WFZ and the major joint set, ie
northeast - southwest.
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Figure 9: Interpreted Cross Section of the Great Sydney
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4.7 Dykes

Both the Great Sydney Dyke and the Oxford Street Dyke
were intersected within 1m of their expected positions.

The post-excavation geotechnical model for the Great
Sydney Dyke is shown in Figure 9. Key features of the
model are:

° at tunnel level, the dyke comprises extremely
weathered low strength rock with stiff clay near
the sandstone contacts,

the central core of the dyke is relatively less
weathered than material near the contacts with
the surrounding sandstone rock,

the quality of the dolerite improves with depth to
very high strength rock, and

sandstone rock quality is degraded adjacent to
the dyke. This is likely to reflect a combination
of;
- fracturing/faulting  within  sandstone
prior to emplacement of the dyke,
baking of the sandstone immediate to
the dyke during emplacement,

possible post emplacement faulting and
weathering effects.
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The design geotechnical model for the tunne] Was ]
quite accurately determine the location, thigyy,
material properties of the dyke at intersection depth.

5. CONCLUSIONS

Engineering Geological mapping and databage 1
during construction largely  confirmed the

geotechnical model. In situations where the encqy
excavation conditions varied from that predic
collected during mapping allowed for accurate Te
tunnel support in ‘real - time’.

The mapping sheets provide a complete recorg
geotechnical conditions encountered during tuppe
Given the potential traffic volumes through the |
over the 100 year design life of the tunnel, the ¢
in to the engineering geological mapping apd
collection during construction is considered appropri

This paper therefore provides a working
issue raised by Stapledon (5) of ‘putting
“geotechnical”, by

° using graphic representation of data on exi
logs,

presenting detailed logs of high standard, and
regular and on-going comparison between
encountered tunnelling conditions and the g ig
geotechnical model.

example of {
the “geo’
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Geotechnical Aspects of the Sydney 2000 Olympic Site

Roberta Lindbeck, Douglas Partners Pty Ltd, Sydney, Australia

summary This paper reviews the geotechnical aspects of the Sydney 2000 Olympic Site at Homebush Bay: a geological
environment of shale, residual clays, alluvial sediments, and filling. Of these materials, the soft alluvial sediments provided some
of the most challenging geotechnical conditions. The paper focuses on one particular geotechnical case study, which was the
investigation for proposed irrigation ponds in the former landfill areas. The work involved the investigation of the soft alluvial

materials for the assessment of slope stability of the ponds.

1 INTRODUCTION

The site for the 2000 Olympic Games is located at
Homebush Bay in Sydney’s inner west. Homebush
Bay is a low-lying area, which was previously
covered by natural wetlands and has been utilised
for industrial and land filling purposes since the
early 1940’s.

The redevelopment of the Homebush Bay area for
the Olympic Games involved the development of
the previously industrial area into major sporting,
recreational, and residential facilities. The
construction activities have resulted in much
geotechnical investigation being undertaken in the
area over the past decade.

The geological environment in the Homebush Bay
area consists of Ashfield Shale of Trassic age,
residual clays, Quaternary alluvium, and man-made
filling. The development therefore required
construction to be undertaken in a challenging
geotechnical environment, comprising filling and
soft alluvial deposits.

2 HISTORY OF THE HOMEBUSH BAY
AREA

Originally, the Homebush area was greatly
influenced by Homebush Bay and its tributaries:
Haslam’s Creek, Powell’s Creek, and Duck Creek.
A map of the area is included in Figure 1.

The area comprised extensive tidal wetlands and
thick woodlands. From the mid 1800’s, large areas
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NEWINGTON

Figure 1. - The Homebush Bay Area

of the wetlands were gradually reclaimed, and the
forests cleared. The low-lying areas of Newington
and along the fringes of Homebush Bay have been
extensively modified by filling operations’. The
area comprised a number of industrial and
commercial enterprises, such as a brickworks, a
racecourse, an armaments depot, and an abattoir.
From the 1960’s, parts of Homebush Bay were
used for the uncontrolled dumping of industrial

wastes’.  Extensive development began in the
1980°’s when recreational facilities,  such as
Bicentennial Park, were opened. Sydney’s
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successful bid for hosting the 2000 Olympic Games
resulted in the next surge of development for
Homebush Bay.

3 GEOLOGY OF THE HOMEBUSH
BAY AREA

The following section details the geology of the
area, with examples of geotechnical work
undertaken as part of the Olympic development.

The prevailing geology of the area comprises rocks
of Triassic age, with Ashfield Shale of the
Wianamatta  Group overlying  Hawkesbury
Sandstone’ . Overlying the rocks are Quaternary to
Recent alluvial sediments deposited within the
creek channels, and man-made filling. Figure 2

shows the different geological areas of Homebush
Bay.

3.1  Ashfield Shale

The Ashfield Shale is predominantly black and grey
shale and laminite, which is heavily jointed. The
shale is present in the upland areas of the nearby
suburb, Newington, and underlies filling and alluvial
deposits across the remainder of the site?.

QIN

SNSNNAY

Figure 2. - The Geology of Homebush Bay
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Some excellent exposures of the shale are eyj
in a previous quarry, known as the ‘Bg
which was, at one stage, proposed for yge
water treatment facility for the Olympic sjte
surrounds, but now may be used for recreaty
purposes. Geotechnical projects undertaken 4
‘Brickpit” site have included the assessmep
stability of the existing excavation wallg
determine the suitability of the area for pupj
access.

3.2 Residual Soils

The residual soils are red brown clays and
clays which grade into stiff grey and red broyg
clays. The layer of residual clays is typically 3m to
4 m thick, although the soils range from a va
thin cover on the uplands to a thick laterised pro;
which has been locally preserved. Excavation
been so extensive that the residual soils are n
limited to the upland areas of Newington, althou:
some have been preserved below the allu
sediments in Haslam’s Creek and the wetlands®
the extent of the residual soils is quite limited, m
of the geotechnical work in these materi
comprised design of shallow footings and b
earthworks for facilities such as the Olympic
Village.

3.3 Alluvial Sediments

The alluvial sediments mainly comprise black to
grey, silty and sandy clays, and occasional peat
layers. The sediments are up to 11 m thick in
places, but are typically 2 m to 4 m thick’., The
estuarine or alluvial deposits are variable
thickness, but are consistent in lithology.

fragments are common and are concentrated
discrete layers, which confirm the sediments
marine origin. The Irrigation Ponds case study -
detailed later in this paper, investigates
geotechnical properties of these alluvial sediments:

3.4  Filling "

The filling of the Homebush Bay area shows a gré@
variability, and comprises putrescible W2
vegetation, paper, rubber, timber, plastics, butld
rubble, metallic debris, bituminous waste, batter
asbestos, and excavated spoil. Much of the_
was placed in low-lying areas and the relocation
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e filling was required as part of the
redevelopment. The filling has now been stored in
» number of mounds, designed to be landscaped as
recreational features. Geotechnical investigation
related to this development comprised assessment
of the slope stability of the mounds.

4 CASE STUDY - IRRIGATION PONDS

As mentioned earlier, whilst the geology of the site
for the 2000 Olympic Games comprises a variety of
different sequences, some of the most interesting
geotechnical work comprised investigation of the
soft alluvial sediments, in particular. The remainder
of the paper provides discussion of one particular
case study - the Irrigation Ponds on Hill Road.

The redevelopment of the Homebush Bay site for
the 2000 Olympic Games resulted in the removal of
uncontrolled filling from low-lying areas of
Newington, and replacement with imported clay
filling material. The resultant refilled area was
proposed for recreational use, comprising a number
of water features that could be used as irrigation
ponds and for flood control. A plan showing the
area of the proposed ponds is included as Figure 3. .

Figure 3. - The Irrigation Ponds
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During the removal of the waste filling, it became
evident that the proposed pond area was underlain
by soft clay, and as a result, investigation was
carried out by Douglas Partners Pty Ltd (DP) to
assess the stability of the proposed ponds®.

4.1 Site Description and Geology

The area of the proposed irrigation ponds is located
between Hill Road and the Olympic Village, in a

- flat area which is part of the flood plain of Haslam’s

Creek. Reference to geological maps and previous
investigations undertaken in the area indicated that
the site’s geology comprised man-made filling,
overlying alluvial clay ranging in strength from soft
to hard. In the area of the failed ponds, the -
uncontrolled filling had been replaced by 4 m to
5 m of clay filling.

4.2  Field Investigation

The initial investigation was undertaken in
September and October 1997, and comprised cone
penetration tests to determine the soil profile and
characteristics. A series of test pits were also
excavated, and these were used to assist in the
estimation of strength parameters. The test pits
allowed sampling of the subsurface soils and
identification of the soft silty clay.

The results of the CPT indicated man-made filling
overlying soft silty clay and very stiff to hard clay.
The depth of filling and the thickness of the soft
silty clay varied across the investigation area. The
layer of filling was found to be generally 4 m to 5 m
thick, however, was as thin as 1 m to 2 m in some
locations. "The layer of soft clay underlying the
filling was found to be about 0.8 m to 2 m thick®.
The soil profile can be seen in Figure 4.

The CPT results had indicated total cone resistance,
g., of between 200 kPa and 500 kPa. and sleeve
frictions of less than 10 kPa. Pore pressures were
not measured during the testing.

4.3 Stability Analyses

Stability analyses were undertaken in December
1997 to determine safe design slopes for the
irrigation ponds. Analysis for circular slip failures,
using a computer slope stability program, were
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undertaken. The analyses assumed typical strength
parameters for the soft clay layer, based on
previous experience and the results of the CPT
undertaken in the area of the Irrigation Ponds.

The previous CPT had indicated a cone resistance,
Qs of 200-500 kPa in the layer of soft clay. Lunne

et al® (1997) provide a method of calculating the Water table Residual ciays
undrained shear st.rength of fine grained soils us.mg e L _ Very 6110t copame
the total cone resistance, the total in situ vertical m \ | 3

imported clay filling

Soft alluvial sediment

stress, Cvo, and an empirical cone factor, N, using T X ;

equation (1). A
0. 110 ; 20. {30. 140 . 150. 160. o,
HOMEBUSH BAY-HILL ROAD & PONO STABILITY
(9c— 0w0)
5= N €9)
2 Figure 4. - Stability Analysis of the Pond Slopes

A plan of the pond, showing the cracks is included

The total cone resistance is provided by the CPT, in Figure 5. i

and the total in situ vertical stress is determined
from the pressure applied by the overburden clay
filling. Lunne and Kleven (1981)° showed that for
normally consolidated marine clays, the cone factor
varied between 11 and 19, with an average of 15.

IRRIGATION POND
CRACKS

Using this method, the undrained shear strength of
the soft clays can be calculated as ranging between
12 kPa and 29 kPa.

Thus, in the stability analyses of December 1997, a
strength of S,=10 kPa was assumed, based on the
results of site specific field data. The results of the
analyses indicated that the factor of safety of the
ponds would be satisfactory if the slopes were
maintained at no steeper than 1:2 (V:H)’ . The
graphical output of the stability analyses are shown
in Figure 4.

HiLg ROAp

4.4  Failure of the Irrigation Ponds

Whilst the initial design slopes for the ponds were
specified to be 1:2 (V:H), excavation conditions
during construction allowed slopes of 1:1.3 (V:H).
In January 1998, during construction, an entire
section of the edge of one of the ponds slumped,
resulting in post failure slopes of 1:6 (V:H). It was
found that the layer of soft clay had failed, causing
the overlying clay filling to move along the soft clay
layer. Large transverse cracks were visible at the
head of the slide.

Figure 5. - Plan of the Failed Pond
4.5  Back Analysis of Failure
Following subsequent failures of the ponds dufk
construction, further investigation of the desl

strength parameters was undertaken. :
comprised back analysis of the observed failures 1
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gssist in determination of shear strength. Revised
stability analyses were then performed and these
allowed stabilisation measures to be designed and
gltimately implemented.

Using the pre-failure geometry of the slope, and
talling  various - combinations ~ of  strength
parameters, stability analyses were undertaken to
achieve a factor of safety less than 1.0. This back
analysis indicated that the strength of the soft clay
was as low as &=5 kPa® , as opposed to the value
of 10 kPa, which had been used in the stability
analyses and was based on field CPT results.

4.6 Discussion of Differences in Undrained
Shear Strength

There are obvious differences between the strength
assumed for the purpose of stability analyses and
the strength calculated from the back analysis of the
failed pond. It is considered that the differences
could be attributed to variations in conditions
between the CPT locations and where the pond
failure actually occurred.

The CPT were located near the Irrigation Ponds,
but not directly at the locations where failures
occurred. Thus, the resistance of the soft clay
where failure occurred had not actually been
measured. The importance of accurately locating
tests when relying heavily on site-specific field data
is evident in this case study.

47  Subsequent Design of Stabilisation

Using the amended strength parameters, stability
analyses were undertaken on various stabilisation
options. It was found that a supporting layer of
crushed sandstone, covering the face of the soft
clay layer, resulted in improved stability. A 3 m
thick layer of sandstone with a slope angle of 1:3.5
(V:H) resulted in a factor of safety of 1.4°.

S CONCLUSIONS

The geological environment in the Homebush area
consists of Ashfield Shale, residual clays,
Quaternary alluvium, and man-made filling. The
development of the area for the . Sydney 2000
Olympic Games therefore required construction to
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be undertaken in a challenging geotechnical
environment. The Imrigation Ponds case study
investigated the geotechnical properties of the
alluvial sediments. Geotechnical investigations in
the area of the proposed ponds comprised cone
penetration testing, excavation of test pits, and
stability analyses. Following the failure of part of
the Irrigation Ponds, back analysis revealed that the
undrained strength of the soft clays was as low as
5 kPa, which was much lower than anticipated.

: Furthermore, it was about half of that back

calculated from previous failures in the vicinity.

The variations in ground conditions between test

locations and the position of the ponds. It pointed

to a clear need to carry out site specific

investigations rather than rely on global strength -
parameters determined elsewhere in the region.
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seeping Water-
dients or pore pressures which may damage the structure. This

1: INTRODUCTION

Filters are used, in geotechnical engineering, where it is
necessary to protect soils from erosion due to seepage and
groundwater. As water flows through a soil, fine soil particles
can be washed out, leading to internal erosion (or piping) and
eventual failure. A correctly designed filter will retain the
Joose soil particles while allowing seepage water to flow; thus
preventing piping and avoiding a build up of high internal
pore pressures. Filters are used in embankment dams, road
pavements, behind retaining walls, coastal protection, in
landfills and wastewater treatment, sand beds in oil wells and
chemical engineering filtration. This study deals
predominantly with the problem of filters for embankment
dams.

Filters are used where water seeping out of fine grained soils
may cause erosion of the soil, by removing particles under
hydraulic forces. To function correctly, filters must be:

1. Fine enough that the pore spaces between the filter
particles are able to capture some of the larger particles
of the protected materials in place (see Figure 1).

Coarse enough to allow seepage flow to pass through the
filter, preventing build up of high pore pressures and
hydraulic gradients.

Non cohesive, so that no cavities or cracks can form
within the filter.

Figure 1 shows a stable base - filter interface. Seepage forces
have washed some base soil particles into the filter. Initially,
some fine base particles may be washed completely through
the filter, but in a stable filter the larger base particles will be
trapped by the void constrictions (connections between voids)
of the filter material. These trapped particles will then form
smaller voids, retaining smaller base particles and the entire
interface becomes stable. This process is called “self
filtration”. Water flow will be reduced during this process but
generally reaches a steady state as self filtration occurs. If a
filter is too coarse, the base soil particles will be able to move
through the pores of the filter material and self filtration will
not occur. If a filter too fine, it may not have sufficient
permeability to allow the seepage flows to leave the base soil
and high pore pressures can develop. Also, manufacturing a
fine filter is often considerably more expensive than a coarse
filter; hence the economic benefits of correct filter design are
significant.
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A New Model for the Behaviour of Granular Filters

Mark Locke and Buddhima Indraratna

University of Wollongong, NSW.

gummary Filters are used in Geotechnical Engineering to control seepage and to prevent erosion of soil due to the drag forces of
Filters act as barriers to retain the base soil while allowing seepage flows to exit without causing high hydraulic
paper
s based on a three dimensional lattice model of the filter pores, an
overn the rate of particle transport. The model has application in the design of granular filters for non-cohesive base soils in
embankment dams, retaining walls, drainage wells or road pavements.

describes a new analytical model of filtration. The model
d the equations of conservation of mass and momentum which
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Figure 1 Stable Base-Filter Interface During Seepage.

There is an increasing push to replace granular filters with
geotextiles which perform the same function. The advantages
of geotextiles are numerous, often they are cheaper to install
than granular filters and they are manufactured and placed
under strict specifications, so the uncertainties involved with
using natural materials are removed. However, there is still a
concern that the long term performance of geotextiles
(remembering a dam usually has a design life in excess of 50
years) may be unsatisfactory. A particular concern is that a
geotextile may tear due to differential settlement within the
structure, or earthquake motion. Because of these concems,
granular filters are more commonly used in important

~ structures such as embankment dams. This study will focus

solely on the performance of granular materials as filters.
2. EXISTING DESIGN METHODS

Terzaghi (1) was the first to develop filter design
requirements. He envisaged two requirements which must be
fulfilled:

The filter should be many times more pervious than the
base soil, to allow the free seepage of water, without
causing ~ excessive head loss (the permeability
requirement). To ensure this he recommended:

Dse/dise 2 4 1

e The filter should be fine enough to prevent the washipg
through of the base soils and arrest piping (the stability

requirement). To ensure this he recommended:

@
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Where D¢ is the diameter of filter particles where 15% by

requirements describe, basically, the conflicting requirements
on grain size, of a suitable filter. Some engineers still use
these criteria for designing granular filters,

Subsequent research into  filter behaviour has been
predominantly empirical; a series of experiments on sets of
base soil - filter combinations, has lead the researcher to
recommend an  empirica] relationship for 5 stable
combination. Research has lead to empirical design criteria

extensively used, in preference to other methods, for filter
design. However they are only applicable to the range of soils
tested, and have certain laboratory bias due to different testing
methods, definitions of failure etc, They also do not provide

Many researchers are NOW  concentrating on numerical
analysis  of filtration, particularly modelling particle

constriction Jjoining pores) through which it is passing.
Additionally, some researchers have considered the hydraulic
conditions (seepage forces) Decessary to carry soil particles
through the filter. The basis of the numerical analysis is:

. to represent the filter by some form of a pore model,
usually based on the particle size distribution of the filter
material;

2. to simulate the movement of base soi] particles by an
analysis of the movement of individual base soi particles
through the pores of the filter, caused by seepage forces,
Uup to a point where the particle passage is blocked by a
pore constriction, or the seepage forces are insufficient to
move the particle further. '

There are two general approaches to modelling particle
movement, either: geometric - probabilistic, where the
expected depth of infiltration of a particle, into the filter, is
determined by probabilistic analysis of particle and void sizes;
Or mass transport equations using flow laws and conservation
of mass and momentum to examine the rate of particle
movement.

Analytic methods provide detailed models of what may be
occurring at a base sojf - filter interface. They give an idea of
the thickness of filter required and also can estimate a
probability of failure. The assumptions used in developing the
model are very important. Often the assumption of spherical
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particles or a certain particle size distribution CUIve shape gy,
cannot be applied to a real soil. The models are ofter, difﬁcult-
to apply to real design situations because of their reliance g, 2
number of empirical parameters or impractical mathematiCa]

3. NEW ANALYTICAL F ILTER MODEL

Existing numerical models of filtration have some limitatjopg
They generally adopt simplified void models, and VEry few
consider the time rate of formation of a stable file, interface.
Indraratna and Vafaj (4) have developed a particle Migratjon

dimensional pore void model, based on the work of Schuler
(1996). The entire mode] includes:

adaptation of the method described by Silveira ).

Particle infiltration depth - Schuler (5) developed an
€quation, based on Monte Carlo simulation, for infiltration
depth, dependent on particle size. -

Particle transport equations - the €quations of conservation
of mass and momentum, developed by Indrarata and Vafs
(4), are used to determine the rate of particle transport.

3.1 Filter Void Model

There are many models of filter voids which have been
adopted in modelling filtration. The commonly used models
include; parallel channels of varying diameter (Indraratna and
Vafai (4)), layers of filter voids -perpendicular to the direction
of flow (Silveira (6)), or pore networks (Schuler (5)). A

pore network models appear to provide a reasonable model of

N}
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Figure 2 Cubic lattice void model (Schuler *)

t remains then, to determine the size of the voids and void
constrictions in the void model. The void constrictions,
represented as bonds between the voids in Figure 2, form the
smallest link between voids, capturing moving particles.
Hence the important factor for modelling filtration is the void
constriction size distribution, hereafter called the CSD.
Schuler (5) has examined the CSD of a soil at varying relative
density and found that the CSD curves all have the same
shape. Hence, if we find the CSD for most dense and least
dense states, then the actual CSD will have the same shape
and lie somewhere in between. A reasonable assumption is
that there is a linear change in CSD size from the most dense
to least dense states.
Constriction

=
YD O

Figure 3 Void Constriction Size for a) Most Dense and b)
Least Dense states.

The two geometric conditions to be considered, are shown in
Figure 3. Humes (7) presents a method to calculate the CSD
for the most dense case (Figure 3a), based a method described
by Silveira (6) using the filter PSD. The PSD by mass (as
determined by sieve analysis) tends to over-estimate the
influence of larger particles, which form a large proportion of
the mass of the soil, but are few in number and unlikely to
meet to form large voids. Humes (7) recommends using the
PSD by surface area of grains, and has shown this to better
represent the pore constriction sizes for well graded materials.
Equation (3) can be used to convert the PSD by mass to a
PSD by surface area, assuming all particles have the same
specific gravity.

P.

i,mass

D.
Pon=a5"—"7 ®)

j=0 J

The PSD is divided into a number of discrete particle
diameter intervals (Do, Dio, Dz, e€tc.), so that it then
represents the cumulative frequencies (P, P10, P2o etc.) of the
medians of these intervals. Humes (7) presents an equation,
(4), to find the void size, D,, for the most dense particle
packing, when the void is formed by three tangent spheres of
diameter D;, D; and Dy, as shown in Figure 3a.

R,

NEYEREA)

The probability of occurrence, Py, of void size D,, is a
function of the probability of occurrence of the three particles,
taken from the discretised PSD. P, is calculated using (5),
where 1, 1; and r represent the number of times particle
diameters D;, D;, and Dy appear in the combination of three
particles being considered. Hence 1, 1; andr,=1,20or3 andr;
+iE =3,

P, = ——L(Pi)ﬁ.(Pj)d.(Pk)rk )

- !
!l !

Silveira et al. (8) present equations for the least dense packing
of a granular material; where the void constrictions are
formed by four tangent grains as shown in Figure 3b. Silveira
(8) note that the geometry of the problein is very difficult to
solve directly and hence assumes the void is equivalent to a
circle with the same area as that formed by four tangent
particles as shown in Figure 4b and c. Silveira’s equations for
the diameter of the equivalent circle are not presented here.

®

b
@ ©

Figure 4a) Pore constriction formed by 4 particles
b) Constriction Area formed by tangent particles
¢) Circle of equivalent area

Pore constrictions usually do not form on a plane through the
centres of the three or four particles making up the
constriction. Hence it is suggested that the mean of all
possible chords through the circlular particle be used to
represent the size of particles, rather than the diameter. Thus
the particle diameter to be considered for determining
constriction size, Dpoges, is given by (6).

Dmodet = 0.82 Dacruat ) (6)

The CSD of a granular material, at different relative densities,
will have the same shape. Also the assumption was made, that
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the difference between two constriction size distributions will
be directly proportional to the difference in relative density.
Hence, using relative density, defined in (7), then the actual
CSD can be calculated from (8). We then have a pore void
model, consisting of a 3D cubic lattice of pores with six
constrictions connecting each pore to its neighbours, as shown
in Figure 2. The size of each constriction is randomly
generated from the CSD.

O]

Actual Void Diameter = Most Dense Diameter +
RD x (Most Dense Diameter - Least Dense Diameter) (8)

3.2 Particle Infiltration Depth

Previous laboratory and analytical research has shown that a
filter has a controlling constriction size, d * (Kenney et al., 9).
Where base particles finer than d.* can pass through a filter of
large thickness. As base particles larger than d.* are
considered, their depth of infiltration into the filter decreases
rapidly as the particle diameter increases. Schuler %)
executed a detailed Monte Carlo simulation of the cubic
lattice pore model, shown in Figure 2. It was shown that, as
predicted by percolation theory, a percolation threshold, p.,
exists for this model. The percolation threshold represents a
probability of meeting a constriction larger than the particle,
so the particle can move through that constriction. Above the
percolation threshold, a particle can move an infinite distance
through the lattice. Below the threshold the infiltration depth
reduces very quickly. The percolation threshold was found to
be, approximately, the size of the 63% largest pore
constriction. Based on the results of the analysis, Schuler (5)
determined an equation, (9), for the depth of infiltration, up to
the percolation threshold. In (9), E represents the number of
levels, through the lattice model, a particle will travel. The
physical distance of travel depends on the distance between
pores or levels in the filter model, this is called the unit step.
Since constrictions form near the centre of a particle and the
next constriction will form near the centre of the next particle,
the constrictions are separated by two half diameters. This
suggests the mean filter particle diameter is a reasonable unit
step. Finally, the distance travelled by a particle is the number
of levels, E, multiplied by the unit step. The probability, p, is
the probability density of constrictions larger than the particle.

E(p)=123(363-p)"*; p<363% ©)

3.3 Particle Migration Model

Indraratna and Vafai (4) have developed a particle transport
approach to model particle movement. They also consider the
hydraulic forces required to mobilise the particles. If seepage
forces exceed the critical hydraulic gradient and the particle is
smaller than the pore constriction, it will move. Moving
particles are controlled by governing differential equations of
conservation of mass (10) and momentum (11).
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dp,¥) _ dp,
dz dt
du du
2= ”"'V'"(E”E) 1y

By considering a number of elements at the base -
interface, the movement of particles can be modelled
forward step, finite difference analysis. The rate of par.
erosion and movement is governed by (10) and an.
geometric constraint to movement is modelled by the depth
infiltration into the cubic lattice ). If the pred
infiltration of a particle size is equal the length of an elem,
then particles smaller than that diameter can pass throuh.
larger particles will be captured. The base and filter particle
size distributions can be recalculated at each time step andthe
procedure repeated. This analysis predicts the gradual change
in particle size distribution of the base and filter elements and
hence describes what is occurring at the base - filter interface
with time for the entire particle size range. Indraratma and
Vafai (4) describe a method to determine permeability of 5
non-cohesive soil based on the particle size distribution, thug

the time dependent changes in filter permeability can also be
modelled.

3.4 Application of the Model

The model presented in this paper is intended to model the
time rate of particle migration of a non-cohesive base soil
through a granular filter. No laboratory- data or alternative
models are available to verify the particle migration equations
proposed by Indraratna and Vafai (4). However, the geometric
model of filter voids can be compared with existing laboratory
data and model predictions. A number of models have been
proposed for particle infiltration depths. The models
considered here are that of Schuler (5), and Humes (7). Also
the equations for controlling constriction size developed by
Kenney et al. (9) and Witt (10), from experimental and
theoretical modelling, describe the particle range at which a
large infiltration depth will occur. The pore channel model
adopted by Indraratna and Vafai (4) gives a minimum pore
diameter, where smaller particles will pass through t<ns1:XMLFault xmlns:ns1="http://cxf.apache.org/bindings/xformat"><ns1:faultstring xmlns:ns1="http://cxf.apache.org/bindings/xformat">java.lang.OutOfMemoryError: Java heap space</ns1:faultstring></ns1:XMLFault>